Connection systems in multi storey timber buildings under seismic action by Wrzesniak, Daniela
  
 
 
 
UNIVERSITÀ’ DEGLI STUDI DI TRIESTE 
 
XXVI CICLO DEL DOTTORATO DI RICERCA IN 
 
 
INGEGNERIA CIVILE ED AMBIENTALE  
 
ICAR/09 TECNICA DELLE COSTRUZIONI 
___________________________________________________________________ 
 
 
CONNECTION SYSTEMS IN MULTI STOREY 
TIMBER BUILDINGS UNDER SEISMIC ACTION 
 
DOTTORANDA 
DANIELA WRZESNIAK 
 
 
COORDINATORE 
PROF. CLAUDIO AMADIO 
 
SUPERVISORE DI TESI 
PROF. MASSIMO FRAGIACOMO 
 
 
ANNO ACCADEMICO 2012 / 2013 
  
 
  
  
 
 
 
 
 
 
 
 
                                         Meinen Brüdern gewidment. 
Dedicated to my brothers 
Hannes and Marko 
 
 
 
 
 
 
 
 
 
 
  
 
 
 
 
 
 
 
 
 
 
 
 
 

i 
 
Abstract 
Timber structures are currently experiencing a significant upturn. Reason for this are their distinct 
advantages concerning environmental and seismic aspects compared to steel and concrete structures. 
“Open space” and “multi-story” are no longer attributes which are exclusively used in connection with 
concrete and steel structures.  
Key aspects are the connection systems. Finding a high strength and ductile connection solution is 
especially challenging when seismic loads are considered. Designing a connection which does not 
undergo damage in a seismic event is another characteristic aimed for. 
This study presents a numerical investigation on the ductile behaviour of high strength tube type fasteners 
for post and beam joints. This new type of connection was developed at the University of Delft, the 
Netherlands. Different types of multi-story frames and a portal frame, made of glulam, were subjected to 
a set of different ground motion. The conducted incremental dynamic analysis revealed that q-factor of 
2.5 and a high q-factor of 3.0 can be applied for portal frames and multi-story timber frames respectively. 
Although damage to timber parts is mostly avoided, the fasteners have to be replaced after a seismic 
event.  
The feasibility and behaviour of a conventional bolted connection for glulam walls subjected to high, 
seismic loads were experimentally studied. Both, the dynamic tests on timber walls with bolted anchorage 
and complementary tests on single dowelled connections showed, that brittle failure mechanisms can be 
delayed by applying simple design rules; such as increased spacing and distances. Utilizing 
reinforcement, ductile connection behaviour can be achieved. Irreversible damage to both timber and 
fasteners has to be anticipated when using this connection type. 
The applicability and response of an innovative viscous type damper in a glue laminated (Glulam) timber 
wall was numerically and experimentally studied. The high-force-to-volume (HF2V) viscous damper was 
developed at the University of Canterbury, New Zealand. The interaction between the devices and the 
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flexibility properties of the timber wall and its connecting elements were investigated. The influence of 
additional weight on the self-centring behaviour of the damping devices was studied. The tests revealed 
that utilizing the HF2V devices in a timber wall, a damage-free system is achieved. 
The tests were completed without damage occurring to the dampers, the damper to wall connection and 
damper to foundation connection. Utilizing these devices result in high-strength, ductile and damage free 
design solutions for timber structures under seismic loads. The mathematical model which was developed 
based on the experimental findings can be used to determine the displacement time-history and structural 
reaction forces for a timber wall with HF2V viscous damping devices. 
 
This study contributes to the on-going research on suitable damage avoidance connection systems for 
multi-story, open plan timber structures under seismic loads. Advantages and disadvantages concerning 
the behaviour of the different systems under repetitive cyclic loading are highlighted as well as some 
specific areas that could benefit from further research. 
The presented results contribute to the understanding of the behaviour of connection systems which have 
so far not or not sufficiently been studied in timber elements subjected to seismic loading. 
 
 
 
 
 
 
 
 
 
 
 
iii 
 
Acknowledgements 
I would like to take the opportunity to thank those people who have guided and supported me during the 
past three years of my PhD.  
First of all I would like to thank my supervisor Prof. Massimo Fragiacomo for his guidance and his 
communication and interaction skills which allowed me to connect with other researchers and travel 
around Europe and to New Zealand. I would also like to thank Prof. Claudio Amadio for his valuable 
scientific input on the seismic design of structures.  
My appreciation goes to the following companies and institutions, Holzbau Sud, Federlegno Arredo, 
Sistem and Stratex for the funding which made this research possible, Holzbau Sud, the Rubner group 
and Rothoblass for supplying the testing material, the Italian trees and timber institute CNR IVALSA 
who sponsored the entire conduction of the dynamic tests, the University of Canterbury who provided the 
damping devices and the shipping to Italy and finally the Neue Holzbau AG who sponsored the carrying 
out of the monotonic tests. 
I would like to express my gratitude to the following people ordered after time, structural engineer Dario 
Curlante for his patience and valuable consulting input through the initial structural design process, Dr. 
Adrian Leijten for providing the test results on the tube fasteners, Prof. Ernst Gehri for sharing his 
extensive knowledge on amongst others the design of timber connections, and his guidance throughout 
the preparation, carrying out and evaluation of the monotonic tests, Dr. Giovanni Rinaldin for his help on 
the numerical analysis in Abaqus, Dr. Andrea Polastri for his support and technical assistance during the 
design and conduction of dynamic tests, Prof. Ario Ceccotti for his greatly appreciated contribution on the 
q-factor evaluation and very inspiring discussions on the behaviour of timber structures under seismic 
loads, André Jorissen for his advice and input on timber connections and finally I would like to thank Dr. 
Geoffrey Rodgers for his patience and his advice on the behaviour of the HF2V dampers and his input on 
the model development. 
iv 
 
In addition, I would like to thank the technicians of CNR IVALSA Mario Pinna, Diego Magnago as well 
as Andrea Bidoli from SAP. 
I would like to thank my friends in Italy who made my time in their country special and unforgettable as 
well as friends and family for their mental support and revitalizing conversations.  
A special thank goes to my parents for their unlimited and unconditioned support and their understanding 
for all my endeavours. For that I’m deeply grateful. 
 
 
 
 
 
 
 
 
 
 
 
 
v 
 
Table of Contents 
Abstract ........................................................................................................................................... i 
Acknowledgements ...................................................................................................................... iii 
Table of Contents .......................................................................................................................... v 
1 Introduction ........................................................................................................................... 1 
1.1 Objective and scope ................................................................................................................. 9 
1.2 Chapter overview ................................................................................................................... 10 
PART I – MOMENT RESISTING FRAMES ............................................................................... 13 
2 Introduction Part I .............................................................................................................. 14 
3 Tube type connectors........................................................................................................... 15 
4 Design of frames................................................................................................................... 16 
4.1 Four story by three bay frame (4x3)........................................................................................ 16 
4.2 Three storey by five bay frame (3x5 frame) ............................................................................ 17 
4.3 Portal Frame .......................................................................................................................... 18 
4.4 Load derivation ...................................................................................................................... 18 
4.4.1 Dead Loads .................................................................................................................... 19 
4.4.2 Imposed loads ................................................................................................................ 19 
4.4.3 Live Load ....................................................................................................................... 20 
4.4.4 Wind load ....................................................................................................................... 20 
4.4.5 Snow load ....................................................................................................................... 21 
4.4.6 Seismic loads .................................................................................................................. 21 
vi 
 
4.4.7 Load combinations ......................................................................................................... 23 
4.4.8 Load reactions ................................................................................................................ 24 
4.5 Design Verification ................................................................................................................ 24 
5 Numerical modeling ............................................................................................................ 25 
6 q-factor evaluation based on non-linear dynamic analysis .............................................. 33 
7 Analysis results .................................................................................................................... 38 
8 Conclusions........................................................................................................................... 43 
9 Discussion ............................................................................................................................. 45 
10 Summary Part 1 ............................................................................................................... 46 
PART II – LATERAL LOAD BEARING WALLS....................................................................... 48 
11 Introduction part II ......................................................................................................... 49 
12 Design of study wall ......................................................................................................... 51 
12.1 Load derivation ...................................................................................................................... 51 
12.1.1 Wind load ....................................................................................................................... 51 
12.1.2 Seismic Action ................................................................................................................ 51 
12.1.3 Load combinations ......................................................................................................... 53 
12.1.4 Load reactions ................................................................................................................ 54 
12.2 Design Verification ................................................................................................................ 54 
13 Connections with dowels and bolts ................................................................................. 54 
13.1 Introduction ........................................................................................................................... 54 
13.2 Brittle failure mechanisms in timber connections .................................................................... 55 
vii 
 
14 Monotonic tests on dowelled connections ...................................................................... 59 
14.1 Material and conduction of experimental tests ........................................................................ 59 
14.2 Test results and observations .................................................................................................. 62 
14.3 Analysis of test results............................................................................................................ 65 
14.4 Conclusions ........................................................................................................................... 72 
15 Cyclic tests on glue laminated timber walls with bolted connections ......................... 74 
15.1 Material and conduction of test............................................................................................... 75 
15.2 Test results and observations .................................................................................................. 81 
15.2.1 Unreinforced connection ................................................................................................ 81 
15.2.2 Reinforced connections ................................................................................................... 82 
15.3 Analysis of test results............................................................................................................ 85 
15.4 Conclusions ........................................................................................................................... 98 
16 Connection with damping devices ................................................................................ 100 
16.1 Introduction ......................................................................................................................... 100 
16.2 Rocking wall system ............................................................................................................ 101 
17 High force to volume damping devices ........................................................................ 102 
17.1 Structural implementation .................................................................................................... 105 
18 Laboratory tests on glulam walls with HF2V devices ................................................ 108 
18.1 Numerical simulation of the test situation in SAP 2000 ........................................................ 108 
18.2 Design of the test wall with HF2V damping devices ............................................................. 115 
18.3 Material and conduct of tests ................................................................................................ 122 
viii 
 
18.4 Test results and analysis ....................................................................................................... 124 
18.4.1 Test without vertical loading ......................................................................................... 124 
18.4.2 Tests with vertical load of 25kN/m ................................................................................ 134 
18.5 Analytical model of HF2V device response in a rocking timber wall .................................... 141 
18.6 Numerical Implementation ................................................................................................... 147 
18.7 Conclusions ......................................................................................................................... 155 
19 Summary part II ............................................................................................................ 157 
20 Conclusions ..................................................................................................................... 159 
21 Future research .............................................................................................................. 162 
21.1 Future research Part 1 ........................................................................................................... 162 
21.2 Future research Part II .......................................................................................................... 164 
21.3 Overall research ................................................................................................................... 165 
ANNEX A – Load derivation ................................................................................................... 166 
ANNEX B – Design verifications ............................................................................................. 172 
1) Four storey by three bay frame ................................................................................................. 172 
2) Three storey by five bay frame ................................................................................................. 175 
3) Portal frame ............................................................................................................................. 178 
4) Design limit state verification - Lateral load bearing walls ........................................................ 184 
  
  
  
 
  
1 | P a g e  
 
1 Introduction 
The discussions about climate change are on-going and opinions are diverging. It is uncertain to what 
extend humanity contributed to the change in climate and how much is due to the natural change of the 
environment. However, certainty lies in the fact that an increase in carbon dioxide emission contributes 
and accelerates the anthropogenic climate change. The production of steel and concrete, the most 
common building materials, discharges a huge amount of carbon dioxide. Cement is one of the most 
important binding components in the world and although new technologies are applied, the carbon 
dioxide emitted during fabrication is still four times as high as emission of the entire world air traffic. 
Steel, is the most commonly used metal in the world with a production of 1.5t per year (2012). Although 
the recycling rate of steel is 70%, the recycling process releases 0.75kg of CO2 per kg of steel. The 
production of steel releases approximately 1kg of carbon dioxide per kg steel. In contrast, 1m³ of build-in 
timber material binds 1t of CO2.  
The carbon footprint, i.e. the produced CO2 emissions of a timber building is only half of that of steel and 
concrete structures considering their overall life cycle. The carbon foot print of a 3-story timber building 
in New Zealand was compared with steel and a concrete structure. It was found that the end of life cycle 
carbon foot print was 8% lower for the timber building (John et al., 2011). Factors like the energy needed 
for restoration and maintenance as well as demolition contribute to the amount of CO2 emitted. During 
construction and maintenance timber structures require only a small amount of energy. One option to 
recycle timber is through burning. The burning of wood waste and used timber has become common to 
fuel biomass power plants. These facts underline the advantages of timber compared to steel and concrete 
as a structural material. The annual timber production with 422 gigatons still supersedes the production of 
steel and concrete. If forests are maintained and worked in a sustainable manner, timber can be 
successfully used as a building material which significantly reduces CO2 emissions. Germany for 
example, has a forest area of 11hectares which is less than the percentage forest area of Russia, Sweden, 
Finland and Austria.  
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10m³ of wood are growing every year per hectare of forest accumulating to around 120mio m³ of annual 
growth. Only 70mio m³ are harvested, hence represents an example of a sustainable use. 
In order to compete with steel and concrete structures beyond the sustainability aspect, the permission to 
design taller, high-rise timber structures has to become more common. The world population is growing 
and the population in the cities is predicted to double by 2050. Therefore, it is a logical consequence to 
increase the height of structures to accommodate the growing number of citizens and keep house prices at 
a reasonable limit.  
The improvement in fire design and the development of new fire resisting materials favour the 
construction of timber structures, which exceed low rise levels. Although fire regulations are still strict in 
many countries, relaxation of design rules and a trend towards high-rise timber structures is noticeably. 
News about 7 or higher story timber structures which were built or are planned in for example London, 
Vienna, Zurich or Milan become more frequent. 
The “Murray Grove Tower” in London and the timber towers in Milan are only two examples. Both 
structures utilize cross-laminated (CLT) timber walls and floors which provide lateral and vertical load 
resistance. Few CLT beams and columns are added for local stabilization to the Milan towers. Both 
structures are mainly for residential use. The first level of the, in total 9 story high, timber structure in 
London, is made of concrete. Apart from that the entire structure is made of CLT including lift shafts and 
stair-cases. The building was completed in 2009 in 10month only. The overall timber volume used was 
900m³. The building in Milan consists of four 9-story timber towers. In addition to the “Murray Grove 
Tower” this structure was also designed to meet with earthquake design requirements. 6100m³ of CLT 
were utilized for this building.  
Other examples are the 7story residential building of the Wagramer street in Vienna and the 8 story office 
„Life Cycle Tower“ in Dornbirn, Austria. Both structures were completed in 2012 and are timber-
concrete composite structures. The first story of the building in Vienna is made of concrete as well as the 
cores, to provide additional load resistance. The vertical load bearing structure is composed of CLT walls 
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and timber-concrete composite floors. A similar concept was applied for the „Life Cycle Tower“ except 
that timber columns and beams are used instead of CLT walls. The structural system of the „Life Cycle 
Tower“ is consistent over the entire 8stories, including the ground floor.  
All of the presented, like most of currently built structures, utilize a high number of walls or additional 
concrete elements to provide lateral and vertical load resistance. The aim and desire of architects is often 
to create an open, light structure which especially for buildings for public and office use is a basic 
requirement. Here, timber frames can present a solution. An innovative example of a timber frame 
structure is the 7story „Tamedia Building“ in Zurich. The timber frame of the structure, which was 
inaugurated in 2013, is made of hard-wood (beech). For the intersections between beams and columns an 
innovative “plug-system” is applied, were no steel elements are needed (Figure 1-1). The timber frame 
provides lateral and vertical load resistance. The ceilings and stair cases are made of concrete. The façade 
of the structure is entirely made of glass.   
       
 
Figure 1-1: Timber frame structure of the “Tamedia Building” in Zurich 
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These are just some examples and efforts are made to promote timber as a building material for high-rise 
timber structures and increase the number of timber structures being built. 
Research projects and studies on prototypes like the ones presented in the following, give an idea about 
the course timber engineering is going to take in the (near) future. 
A research project is currently undertaken at the University of Munich, investigating the possibility of a 
CLT skyscraper of up to 150m in height. The structure is composed of a concrete core with outriggers 
made of concrete, steel or possibly CLT and external CLT wall panels (van de Kuijlen et.al, 2011). 80% 
of the building is made of timber products and the main structural load resistance is provided by the CLT 
wall panels. The structure is currently designed to take gravity and lateral loads from wind. Seismic load 
resistance is aimed for at a later stage. 
The Canadian architect Michael Green presented in 2012 three prototypes of timber structures using 
cross-lam as the main building material; a 12 story structure with a wooden core using glulam columns 
and steel and glulam beams; a 20 story structure with a wooden core and either glulam columns, steel and 
glulam beams and interior timber walls or external walls instead of glulam columns and interior; a 30 
structure with a timber core, steel beams and internal or external timber walls. Except for the 10story 
building which is designed for residential and commercial use, the 20 and 30 story prototypes are 
designed mainly for residential use (Green, 2012).  
Another project is the so called “timber tower research project” of which the results were published in 
2013 by Skidmore, Owings & Merrill (SOM). This project combines reinforced concrete with cross-
laminated timber (CLT). A prototype of 42 stories was presented which uses cross-laminated timber shear 
walls primarily located at the centre core region of the structure to provide lateral load resistance and a 
“concrete jointed timber frame” system to resist gravity loading. The reduction of the carbon footprint 
compared to conventional reinforced-concrete buildings is 60-75 per cent (SOM, 2013).   
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These examples not only demonstrate that change in structural design is necessary when considering the 
environment, but proofs that change is actually happening and timber as a building material plays a major 
role. 
The majority of the presented examples consider only lateral load due to wind in their structural design as 
they are not located in seismic zones. However, earthquakes are a worldwide risk and can occur almost 
anywhere. In seismic design, aspects such as the weight of the structure and the ability to dissipate energy 
are of great importance. For the intersections between columns and beams and between adjacent wall and 
floor panels usually a high number of small metal fasteners such as nails, bolts or dowels are used. The 
generally high number of load paths in combination with the ductile capacity of the metal fasteners result 
in an even load distribution and a reduction of the seismic impact on connecting elements through energy 
dissipation. 
The resulting loads in a structure due to an earthquake are high. If this load is reduced or dissipated, the 
impact on connecting elements such as walls, floors and columns is reduced. Also, the light weight of 
timber reduces the resulting seismic forces in the structure due to the lower mass compared to for 
example concrete structures. A huge amount of research was carried out and is still on-going in Japan, 
North America, Italy and New Zealand. Shake table tests have repeatedly proven the excellent 
performance of timber buildings under seismic loads (Ceccotti 2007, Buchanan et al. 2008, van De Lindt 
et al. 2009, Sartori et al. 2012). Because of that timber buildings have become a recognized alternative to 
reinforced concrete and steel structures also in seismic areas.  
The lateral load resisting system can be provided through timber walls or timber frames as it is the case 
for structures designed for wind loading, like in the presented examples. However, for multi- story 
buildings the load due to seismic impact is higher than due to wind loading. This means that either the 
number of lateral load bearing elements, such as frames and walls, or the number of connectors has to be 
increased to accommodate for the increased loading. 
Most of the timber structures which are designed against seismic loads utilize a high number of lateral 
load bearing walls. Also the full scale shake table tests carried out by Ceccotti and van de Lind applied 
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this principle.  The 7story CLT structure tested in Japan by Ceccotti (2007), also known as the “SOFIE 
project”, contained a high number of CLT wall panels, hence the well performance. The test on a 6 story 
stud-frame structure which was carried out in within the NEESwood project contained a high number of 
OSB sheeted wall panels.  Also this test, which was carried out in Japan under the supervision of van de 
Lindt (2009) was completed successfully with only minor damage occurring in the structure.  
However, the example of the “Tamedia Building” and the prototypes presented by Michael Green show, 
that the trend clearly goes in the direction to reduce the number of walls to create light-flooded, open 
space structures. One option is to provide lateral load resistance entirely through a frame system, like in 
the “Tamedia Building” case. Another option is to reduce the number of walls to only a few which 
provide lateral load resistance. 
The biggest amount of energy dissipation in timber structures is provided through the connections. These 
connections have to be able to accommodate high, repetitive loading through seismic impact and exhibit a 
ductile behaviour at the same time. A high strength and ductile connection behaviour is aimed for, in 
order to reduce the impact on connecting structural elements. In addition, these connections have to be 
able to limit drift amplitudes which is especially critical in timber structures due to the high flexibility of 
the material. 
One option is to connect the posts and beams of a frame with glued in rods which can be slightly pre-
stressed. The rods can be bonded either into both the column and the beam ends or into one end only 
(Fragiacomo and Batchelar 2012; Tomasi et al. 2008), thus achieving a rigid connection behaviour. The 
so called Pres-Lam technology was developed over the past years in New Zealand (STIC, 2013). This 
technology involves the post-tensioning of laminated veneer lumber (LVL) walls, beams and columns 
through draped tendons which run centrally in a cavity of the elements. The result is a high strength, self-
centring and flexible system. Energy dissipation can be achieved through the addition of viscous dampers 
as shown in laboratory tests (Smith et al. 2008, Buchanan et al. 2008, van Beerschoten et al. 2012, Smith 
et al. 2012). This system adapts two principles; the PRESSS technology and the rocking wall theory. The 
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concept of a rocking wall system was first introduced by Ajrab (Ajrab et al., 2004) who based his theory 
on Housner’s investigation on free vibration of rocking blocks (1963). Once shaken through a ground 
motion, the elements, i.e. beams, columns, walls of a structure start to rotate or rock against each other. 
While the inelastic deformation occurs in the connections, the connected structural elements remain 
elastic. To accommodate the inelastic deformation, the PRESSS technology (Priestley and Priestley et al., 
1996, 1999) which was initially developed for pre-cast concrete elements, applies un-bonded post-
tensioned tendons or bars running inside the structural elements. Since no other connecting elements are 
necessary, the inelastic deformation occurs entirely in the tendons or bars. Because of that, the damage to 
the structure and in the connection is limited. The dissipation is achieved through mild steel damping 
elements which are added to the connection area between beams and columns or walls to the foundation 
(Marriott et al. 2008). A highly dissipating, damage limiting design solution is achieved. 
In this thesis a different type of connection for a column-beam intersection of a glulam frame was studied. 
The connection system was developed at Delft University, the Netherlands (Leijten, 1998) and consists of 
tube shaped, hollow metal fasteners and densified veneer wood sheets. Laboratory tests on single 
connections revealed high strength connection behaviour under repetitive cyclic loading. The connection 
performed three fully reversed cycles at a displacement which was greater than six times its yield 
displacement without a loss of strength greater than 20% (Cruz and Ceccotti, 1996). This means that the 
connection can be assigned a ductility class of H according to Eurocode 8. A behaviour factor of 4 was 
suggested (Leijten, 1998) which is why this connection was chosen for the presented study. The 
behaviour in multi-story timber frames was numerically verified. In any case it is important that the 
connection is overdesigned to allow plasticization of the fasteners. In case of the tube type connectors this 
is solved through densified veneer wood sheets, which are glued to the inside of the beams and columns. 
To study the feasibility of a structure which uses a reduced number of lateral load bearing walls to resist 
seismic action, a prototype building was developed. The structure is of 13m width and 19.50m length. 
Three glulam walls are positioned on the perimeter on either side of the building. The walls are fabricated 
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in one piece reaching over the full height of the structure.  Structures with lateral load bearing walls 
reaching over the full height are not uncommon. One example is the trä8 system developed in Sweden 
(Tlustochowicz, 2011) another is the NMIT building in Nelson, New Zealand were pre-stressed LVL 
walls were used. For the anchorage to the foundation it was decided to study the feasibility of a 
conventional connection solution and the feasibility of an innovative damping solution. 
For the conventional solution a bolted, steel-timber-steel connection was selected. Time and effort needed 
for assembly were decision making key aspects. For the damping solution an innovative viscous damper, 
developed at the University of Canterbury, New Zealand was applied (Rodgers, 2009). The overall 
concept of the glulam walls with the HF2V devices utilizes the principles of the PRESSS technology and 
the rocking wall theory introduced earlier. This means that in order to achieve a self-centring system 
additional load or tendons are necessary. For the experimental program described in this thesis a vertical 
load was added on the wall. In contrast to other damping systems which are introduced in part II, a 
damage free connection can be achieved applying the so called high-force-to-volume (HF2V) viscous 
damping devices. This was the reason why these new type of dampers, which have so far only been 
implemented in steel and concrete structures, were selected for this study. 
Recent Earthquakes in Christchurch, New Zealand proofed again that conceptual change is necessary 
when designing a structure for earthquake prone areas. More than 70% of the buildings in the central 
business district had to be demolished due to high repair cost making restoration unfeasible. Therefore, 
the new challenge for timber structures and structures in general is to fulfil the requirements of a damage 
avoidance design system (DAD). Current design principles aim to save the lives of inhabitants by 
neglecting the extent of structural damage.  
Apart from studying connections which fulfil the initially stated requirements of strength and ductility, 
the future objective to design structures which undergo as little damage as possible to reduce the cost for 
repair, was taken into consideration in this thesis. 
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1.1 Objective and scope 
The main objective of this study is to investigate the feasibility of different conventional and innovative 
connection systems for lateral load resisting glulam frames and walls. These frames and walls are part of 
structures which are subjected to seismic loading and at the same time aim for a reduced number of lateral 
load bearing elements, such as offices and public buildings. Connection solutions showing a highly 
dissipative behaviour to reduce the impact on the load bearing elements were studied. The feasibility of a 
damage free connection system in a timber wall was examined.  
The approach was to utilize existing (common and novel) connection systems which exhibit the required 
prerequisites but have so far not or not sufficiently been studied in the presented context. 
The objectives were achieved in within the following scope: 
• Numerical modelling of different frames with a varied number of tube type dowel connectors and 
incremental non-linear dynamic analysis of the models. Examination of exhibited level of 
ductility and evaluation of a behaviour factor in accordance to Eurocode8.   
• Experimental investigation of parameters influencing the type of failure mechanism of dowelled 
and bolted connections under monotonic and cyclic loading.  
• Experimental study on the behaviour of bolted connections in glulam walls under repetitive cyclic 
loading. Identification of the influencing parameters assuring a ductile connection response and 
examination of the effect of reinforcement.   
• Experimental investigation of the implementation of high force to volume viscous (HF2V) 
damping devices in glulam wall elements. 
• Development of an analytical approach to describe the observed wall response with the HF2V- 
devices for the evaluation   
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1.2 Chapter overview 
Chapter 2 gives an introduction about timber frames designed for lateral load resistance. Different 
jointing options are presented. The tube type connectors are introduced. 
Chapter 3 explains the functioning of the tube type connectors. The reasons for studying these elements, 
as a possible connection solution in timber frames, are explained.  
In Chapter 4 the design of different types of frames is carried out. This includes the load derivation, the 
establishment of the governing design situation and the verification of the connecting column and beam 
elements. 
Chapter 5 describes the development of numerical models of the designed frames in Abaqus. The 
process of obtaining the hysteretic joint behaviour of the post-beam intersections is explained. The 
moment-rotation curves of each of the different joints are presented. 
Chapter 6 describes the derivation of the q-factor based on the base shear and the ground acceleration 
approach. The procedure of an incremental dynamic analysis is explained. Incremental dynamic analyses 
as well as pushover analyses are carried out. 
Chapter 7 presents the analysis results. The behaviour factors based on the approach, the frame type and 
the accelerograms are compared with each other. The static ductility ratio is evaluated. 
Chapter 8 presents the conclusions. 
Chapter 9 presents a discussion about the scientific significance of the presented q-factors. The approach 
of evaluating the q-factor is discussed, i.e. its reference to the yield point. The derivation of the yield point 
based on EN12512 is questioned. 
Chapter 10 presents a summary of Part I. 
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Chapter 11 gives an introduction about lateral load resisting timber walls. Key design aspects are 
addressed. Different anchoring solutions are presented and their advantages and disadvantages are 
highlighted. The selected anchoring solutions studied in this thesis are presented.   
In Chapter 12 the design of a prototype glulam wall is carried out. The load derivation and the design 
verifications are presented. 
Chapter 13 gives an introduction about the desired behaviour of dowelled and bolted connections. The 
requirements to achieve this connection behaviour under static and seismic loads are presented. Brittle 
failure mechanisms in dowelled and bolted connections are described. 
Chapter 14 describes the test procedure of 35 single connections tests of steel-timber-steel type is under 
monotonic loading. The effect on the failure mechanism, when considering the design rules established by 
Johansen, is studied. The relevance of the verification against block-shear failure presented in Eurocode 
5, Annex A is investigated. A comparison was drawn between the achieved failure load, the predicted 
failure load based on Eurocode 5 (both Annex A and the design verifications for connections with metal 
fasteners) and a proposal presented by Hanhijärvi and Kevarinmäki. 
Chapter 15 presents the procedure of four cyclic tests on glulam walls anchored with reinforced and 
unreinforced bolted connections. The feasibility of bolted connections as a possible anchoring solution for 
lateral load bearing walls under seismic loads is examined. The influence of the fastener spacing and end 
and edge distances as well as the reinforcement is investigated. In addition, characteristics relevant for 
seismic design were evaluated.  
Chapter 16 gives an introduction about different damping system in structures. The high-force-to volume 
devices are introduced. The concept of the rocking wall system is explained.  
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Chapter 17 explains the construction and functioning of the high force to volume damping devices. Key 
design points are address. The necessary structural elements to implement the devices in a timber wall are 
demonstrated. 
Chapter 18 describes the design and conduction of two tests on a glulam timber wall with two HF2V 
devices, with and without loading is. The functioning of the devices in a timber wall is studied. The 
influence of the low stiffness of timber, compared to other materials, on the damper response is focussed 
upon. The device response of both loaded and unloaded test are compared. Relevant characteristics 
describing the damper behaviour in a seismic event are evaluated.  
Chapter 19 presents the development of a mathematical model for the derivation of the top wall force of 
a timber wall anchored with the HF2V damping devices based on a known displacement input. The 
information gained during testing were implemented in a mathematical model.  
Chapter 20 summarizes part II. 
Chapter 21 and 22 present the overall conclusions and future work. 
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2 Introduction Part I 
In contrast to load bearing walls, timber frames allow the architect to design a structure more freely. 
However, if timber frames are used as lateral load resisting system in multi-storey structures, horizontal 
deflections due to seismic and wind loads become the key aspect to be considered. Whilst for reinforced 
concrete structures the serviceability limit state requirements are generally fulfilled, for timber structures 
due to the flexibility of the material this becomes an issue. A connection system needs to be found which 
is able to provide enough stiffness to limit horizontal deflection but at the same time is sufficiently ductile 
to dissipate energy in the event of an earthquake. 
Recent developments use post-tensioned tendons or bars to achieve a self-centring moment resisting 
connection (Buchanan et al. 2008). The bars or tendon run centrally in beams and/or columns. Adding 
energy dissipaters in the form of mild steel damping elements improves the seismic behaviour and the 
energy dissipative capacity needed to control the lateral deflections. Other possibilities are low level pre-
stressed glued-in rods added between column and beam elements. The rods can be bonded either into both 
the column and the beam ends or into one end only (Fragiacomo and Batchelar 2012; Tomasi et al. 2008).  
A different option is high energy dissipative dowel type connectors developed at Delft University, 
Netherlands (Leijten 1998). Used as connectors in column and beam intersections a rigid and highly 
dissipative connection is achieved. The cyclic response of such a connection is characterized by stable 
hysteretic loops without pinching. These characteristics make the tube fasteners a highly suitable solution 
for structures in seismic zones (Wrzesniak et al. 2013). 
In order to design a connection with these type of fasteners it has to be proven that the connection 
deforms plastically for at least three fully reversed cycles at a static ductility ratio of 6 without more than 
a 20% reduction of their resistance in order to apply a q-factor of 4. In order to apply a q-factor of 2.5 the 
ductility ratio has to be 4 under the same conditions mentioned previously. There provisions are in 
accordance to the current version of Eurocode 8 (EN 1998-1:2005, 8.3(3)P and 8.3(4)b). 
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Reason for this is the diameter of the tubes which exceeds a maximum of 12mm and the small thickness 
of the connecting timber members. Both prevent the direct application of a q-factor of 2.5 for hyperstatic 
portal frames with dowelled and bolted joints (EC8, Table 8.1).  
However, preliminary non-linear numerical analyses were carried out by Ceccotti and Karacabeyli (1998) 
on portal frames, using a set of different generated earthquake ground motions. Different glulam frames 
were analyzed considering different values of the joint ductility (4, 6 and 8). The lowest value of the 
behaviour factor (q-factor) obtained for a joint ductility of 6, which is the typical value for expanded tube 
fastener connections, was 2. However, the average value was 5. Based on that, Leijten (1998) suggested a 
behaviour factor of 4 for hyperstatic portal frames with expanded tube fastener connections. 
The purpose of this study is to verify the above results through extensive numerical analysis. An 
advanced numerical model was developed and three different types of frames where analysed; a four 
storey by three bay frame, a three storey by five bay frame and a portal industrial frame. It was seek to 
determine the q-factor for multi-storey timber moment-resisting frames, for a possible inclusion in the 
next generation of the Eurocode 8.  
3 Tube type connectors 
For the moment-resisting frames, a high energy dissipating beam-column connection with steel tubes and 
densified wood developed in the Netherlands is used (Figure 3-1). The dowel type connectors which are 
cut from steel tubes are inserted into pre-drilled holes and are then expanded. This way a tight, non-slip 
connection is achieved. Furthermore, densified veneer wood plates are used in the connection area 
between beams and columns.  
The DVW has a density of about 1100kg/m3depending on the veneer grade. The aim of using densified 
plates is to prevent the timber from splitting, allow the dowels to work independently from each other and 
enable dowel plasticization according to Johansen (Johansen, 1949). In fact, embedment tests confirmed 
that splitting of the DVW elements in the area of the fastener holes can be neglected and each tube is 
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working separately. Because of this, each dowel attains its yield limit and can plasticize before failure. 
For this type of connector, the effective number of fasteners neff is equal to the actual number n of 
fasteners. Therefore, a highly ductile connection behaviour is achieved which is crucial in seismic 
engineering. The tubes have a diameter between 18 and 35mm. A total of 4layers of densified veneer 
wood (DVW) with a thickness of 18mm each, are applied. The DVW is glued to the inside of the beams 
and the outsides of the column as shown in Figure 3-1. 
  
Figure 3-1: Assembly (left) and cross section (right) of tube type connection 
4 Design of frames 
4.1 Four story by three bay frame (4x3) 
A prototype structure was developed to obtain a feasible layout of the first analysed moment resisting 
frame. The structure consisted of two moment resisting frames in one direction designed to provide lateral 
and vertical load resistance. No additional lateral load bearing elements were placed in the direction of the 
frame thus creating an open space building. The frames are four stories high and of three bays in length. 
The building was designed for office and residential use. An image of the prototype structure is displayed 
in Figure 4-1. 
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Figure 4-1: 3-dimensional rendering of case-study building 
The glulam beams and columns are manufactured in one piece reaching over the full height as well as the 
full length of the building. In the centre of the building a post and beam structure is designed to take 
gravity loads only. The total width of the structure is 13m which results in a ceiling span of 6.50m. The 
inter storey height is 3.20m. 
4.2 Three storey by five bay frame (3x5 frame) 
For the design of the three storey by five bay frame the NMIT arts and media building in Nelson, New 
Zealand was taken as reference structure.  
It was assumed that two moment resisting frames which are positioned at the perimeter of the structure in 
one direction are designed to take the lateral loads due to earthquake and wind as well as the gravity 
loads. In the other glulam walls provide lateral load resistance. The walls are also positioned at the 
perimeter of the structure. In addition a post-and-beam structure is located at the centre of the building 
and is designed to take gravity loads only. The design of the centre frame is not in the scope of this study. 
X Y 
Z 
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The width of the structure i.e. the distance between moment resisting frames is 19.5m. The structure has a 
total height of 9.60m and an inter storey height of 3.20m. 
4.3 Portal Frame 
A portal frame based on a standard layout for industrial buildings was designed. The spacing between 
frames is 5m with a total span of 20m. The frames are of 6m height. A non-tapered beam connects the 
columns.  
Figure 4-2 presents a schematic layout of the 4x3, the 3x5 and the portal frame which were analysed. 
 
Figure 4-2: Schematic layout of frames analysed (dimensions in mm) 
4.4 Load derivation 
The loads were derived based on the Italian standard NTC (3). The loads were derived assuming office 
and apartment use of the structure.  
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4.4.1 Dead Loads 
4.4.1.1 4x3 and 3x5 frames 
4.4.1.1.1 Ceilings 
The following dead loads were used for the ceilings: 
 
Flooring (Tiles + Plasterfloor) 6mm+60mm 1.33 kN/m2 
Isolation (30mm) 0.18 kN/m2 
Sheating 20mm 0.11 kN/m2 
Timber Beams Glulam, Spacing 610mm,width 120mm, height 360 0.33 kN/m2 
Ceiling 0.11 kN/m2 
Total: 2.06 kN/m2 
  
 
4.4.1.1.2 Roof 
The following dead loads were used for the roof: 
Metal Sheating 0.05 kN/m2 
Isolation, 90m(Rockwool) 0.09 kN/m2 
Purlins 0.03 kN/m2 
Timber Beams Glulam, spacing 610mm,width 120mm, height 280 0.22 kN/m2 
Ceiling 0.27 kN/m2 
Total: 0.66 kN/m2 
 
4.4.1.2 Portal Frame 
4.4.1.2.1 Roof 
Roof structure (roof sheathing etc.) 0.30 kN/m2 
Purlins 0.07 kN/m2 
Total: 0.37 kN/m2 
  
 
4.4.2 Imposed loads 
4.4.2.1 4x3 and 3x5 frames 
4.4.2.1.1 Ceiling 
Assuming a partition wall load of 1kN/m, the imposed load to be applied is 0.4kN/m2. However, 
according to (DIN 1055-3) an additional imposed load due to internal partition walls of 0.80kN/m2 has to 
be considered under the category life loads. 
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4.4.2.1.2 Roof 
No imposed loads are considered. 
4.4.2.2 Portal Frame 
4.4.2.2.1 Roof 
No imposed loads are considered. 
4.4.3 Live Load 
4.4.3.1 4x3 and 3x5 frames 
4.4.3.1.1 Ceilings 
The life loads were derived based on table 3.1 II, office and apartment use. 
qk 2.00 kN/m2 
   
4.4.3.1.2 Roof 
qk 0.50 kN/m2 
The roof is designed to be accessed for maintenance only. 
4.4.3.2 Portal Frame 
4.4.3.2.1 Roof 
qk 0.50 kN/m2 
   
4.4.4 Wind load 
4.4.4.1 4x3, 3x5 and portal frame 
Sant’ Angelo dei Lombardi, which is situated in the region of Campania, Italy was chosen as a reference 
site for the structure. The altitude of the reference was 870m in an urban, industrial area. Based on the 
spacing between lateral load resisting frames of 13m for the 4x3 frame, 19.5m for the 3x5 frame and 5m 
for the portal frame the following wind loads were obtained (Table 4-1). 
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Table 4-1: Summary of wind loads  
 4x3 Frame 3x5 Frame Portal Frame 
Pmin 5.85 kN/m 8.70 kN/m 5.00 kN/m 
Pmax 7.80 kN/m 10.27 kN/m 5.0 N/m 
    
4.4.5 Snow load  
4.4.5.1 4x3, 3x5 and portal frame 
The snow load for the chosen reference site is 1.77kN/m2 which applies to all frame types.  
4.4.6 Seismic loads 
For a first estimation of the seismic loading a linear elastic analysis was carried out, applying a q-factor of 
4 as suggested by Leijten. Based on the Italian Regulation NTC, different design spectra have to be 
considered for the ultimate and serviceability limit state design. Whereas for the ultimate limit state the 
spectrum for life safety (SLV) has to be used, the damage limit state (SLD) spectrum has to be applied for 
serviceability limit state (NTC, 3.2). 
4.4.6.1.1 Ultimate Limit State 
The chosen reference site Sant’Angelo dei Lombardi is characterized by a Peak Ground Acceleration ag 
of 0.266g and by the parameters listed in Table 4-2, where F0 = spectral amplification factor, TC*= factor 
depending on the ground type needed for the initial period, VN = reference Period, Se the ordinate of the 
elastic spectrum calculated based on η, S, F0 and ag. 
Table 4-2: Parameters characterizing the elastic spectrum (NTC based) 
ag[g] F0 TC* [s] 
Ground 
Type VN [years] 
Se[g] η S 
0.266 2.285 0.376 B 50 0.176 0.25 1.157 
Base shear force  is calculated based on NTC (7.3.3.2) Eq. (4-1) 
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 = (	) ∙  ∙ / (4-1) 
with: 
(	) - ordinate of the design spectrum 
	 - fundamental period of vibration which is  	 = 	 ∙ / with H = height of structure and C1=0.05 
m - total mass of building derived based on the load combination presented in NTC 3.2.4 (Eq. 3.2.17) 
 - correction factor, which is 0.85 in this case 
where: 
() = ()  (4-2) 
and 
() =  ∙  ∙  ∙  (4-3) 
Since () is in g and the equation is then divided by g, the masses or rather forces can be inserted in kN 
to obtain the corresponding base shear force. Table 4-3 shows the base shear forces obtained for each 
frame.  
Table 4-3: Base shear forces for the ultimate limit state 
Four storey by three bay frame 461.11kN 
Three storey by five bay frame 733.4kN 
Portal frame 5.5kN 
The base shear force is then distributed in the following way (4-4) on the structure: 
 =  ∙  ∙ / Σ       (4-4)     
Serviceability Limit State 
The same process as for ultimate limit state applies. However, a q-factor of 1 has to be used and the 
design spectrum for the damage limit case has to be applied. The following values result from the 
calculation of the design spectrum:  
ag[g] F0 TC* [s] 
Ground 
Type VN [years] 
Se[g] η S 
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0.082 2.329 0.297 B 50 0.23 1.0 1.2 
 
Table 4-4 represents the obtained base shear forces for each frame. 
Table 4-4: Base shear forces based on serviceability limit state 
Four storey by three bay frame 602.59kN 
Three storey by five bay frame 958.5kN 
Portal frame 7.2kN 
Wind, Snow and seismic load derivation are presented in more detail in Annex A. 
4.4.7 Load combinations 
The following load combinations based on NTC 2.5.3 are to be applied: 
1) Ultimate limit state based on wind and snow loads: 
1.3 ∙ # + 1.5 ∙ & + 1.5 ∙ 0.5 ∙ &()*+ + 1.5 ∙ 0.3 ∙ &,) 
1.3 ∙ # + 1.5 ∙ & + 1.5 ∙ 0.5 ∙ &,) + 1.5 ∙ 0.3 ∙ &()*+ 
2) Serviceability limit state based on wind and snow loads: 
The horizontal and vertical displacement caused by wind and snow loads is a combination of the initial 
displacement and the displacement based on permanent and imposed loads (NTC 4.2.4.2.1 and 4.2.4.2.2).  
The following load combinations apply: 
a. Rare: # + & + &()*+ + 0.7 ∙  &,) and  # + & + &,) + 0.7 ∙  &()*+ 
b. Frequent: # + & + 0.5 ∙ &()*+ and # + & + 0.5 ∙ &,) 
c. Quasi permanent: # + & 
The horizontal displacement due to wind has to be less than 0.05h (NTC 4.2.4.2.2, Tab. 4.2.X). 
3) Ultimate limit state based on seismic loads (SLV spectrum, NTC 3.2.4): 
./0( + # + 0.3 ∙ &,) 
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4) Serviceability limit state based on seismic loads (SLD spectrum): 
.(0( + # + 0.3 ∙ &,) 
The horizontal displacement has to be less than 0.01h based on NTC 7.3.7.2 (b).  
4.4.8 Load reactions 
The software RStab was used to determine the governing moment, shear and axial forces based on the 
governing load combination. In addition horizontal and vertical deflections were obtained. Table 4-5 
represents the governing load reactions. 
Table 4-5: Summary of governing load reactions
 
4.5 Design Verification 
The design verifications are based on the Italian National Regulation for Construction (NTC) and 
Eurocode The column-foundation connections of all frames are designed as pinned applying conventional 
solutions. For ease of construction, the beams consist of two elements whereas the columns are single 
elements. The tube connectors are of 35 mm diameter, and they are arranged as presented in Figure 4-3, 
left. The tubes have a characteristic shear capacity of 96kN per tube and per shear plane (Leijten, 1998). 
The connection can be considered as almost stiff.  Conventional hold-down solutions are used between 
the columns and the foundation.  
 
Joint Beam Joint Beam Column Seismic Snow
Seismic Seismic Seismic Snow Seismic Wind Seismic Snow Seismic Horizontal Vertical
3x5 256.00 185.00 219.00 24.00 96.00 125.00 67.00 577.00 240.00 6.88 0.78
4x3 275.00 185.00 215.00 60.00 73.00 100.00 68.00 590.00 270.00 8.94 0.69
Snow Snow n/a Snow Snow Snow Snow Snow
399.00 399.00 n/a 399.00 133.00 133.12 65.73 142.13 9.15 1.40 6.83
Portal 
frame
Moment [kNm] Shear [kN] Compression   [kN] Deflection [cm]
Type of 
Frame
Column Column
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Figure 4-3: Typical layout of a beam-column joint with expanded tube fasteners (left) and numerical 
schematization of the connection (right). 
Based on the italian regulations a kmod value of 1.0 (instantaneaous actions, table 4.4.IV) and a γm value of 
1.5 for connections and 1.45 for glulam elements (Table 4.4.III) has to be used. 
The design verifications are presented in Annex A. The dimensions of the columns and the beams as well 
as the number of tubes per connection are presented in Table 4-6. 
Table 4-6: Summary of column and beam dimensions including number of tubes and radius to centre 
beam/column  
Frame type Cross Sectional dimensions  Joint  
  Single Column Double Beam No. of Radius to  
Storeys x Bays Width Depth Width Depth Tubes Center  
3 x 5 240 655.5 2 x 100 655.5 8 275 
  240 655.5 2 x 100 655.5 8 347.5 
4 x 3 240 655.5 2 x 100 655.5 12 187.3 
1 x 1  300 800 2 x 120 900 10 347.5 
5 Numerical modeling 
A numerical model was thereafter created in Abaqus. The beams and columns were modelled as specified 
in the initial design, i.e. double beams and single columns. The beams were connected to the columns via 
non-linear rotational springs representing the tube connection. Whereas the columns where modelled as 
> 3.5d
Va
rie
s
Varies
Ø35mm Tubes
Number Varies
Radius to Center Varies
Spring
Connection
between
Column
and
Beam
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single elements reaching over the full height of each frame. The bottom connections where modelled as 
pinned. 
Figure 5-1 shows a schematized layout of the three storey by five bay frame as it was used in the model 
indicating the position of the springs. 
 
Figure 5-1: Schematized model of frame with spring position 
To model the springs the hysteretic behaviour of the joints under cyclic load had to be known. Parameters 
like the strength and stiffness degradation as well as yield and maximum forces and displacements were 
needed to model the frames accurately. 
Quasi static cyclic tests on connections with four 28 mm and 18 mm diameter tubes were performed by 
Leijten et al. (2006).The moment-rotational results of the joint were made available for the purpose of this 
thesis Figure 5-2. 
 
Figure 5-2: Moment-rotation behaviour of four tubes with diameter 28mm 
Spring Connection
between column
and beam
32
00
32
00
32
00
96
00
32500
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A so called tri-linear backbone curve was then fitted to the hysteretic moment-rotation curves provided. 
The calibration procedure of the backbone curve was carried out numerically using a program explicitly 
written for this kind of problem by (Rinaldin, 2011). The basic principles for the development of the 
backbone curve are based on the definition of the EN12512 (2003). The backbone curve consists of 
loading and downloading branches which allow for pinching effects as well as strength and stiffness 
degradation of the hysteretic cycles (Figure 5-3, left).  
The software automatically alters the parameters of the backbone curve until the difference of the total 
energy values between the available input data and the backbone curve is less than 0.24%. A 
superposition of the test results (thin line) of the beam-column connection and the calibrated hysteretic 
approximation (thick line) is presented in Figure 5-3. 
 
 
Figure 5-3: Hysteretic approximation (backbone curve) adopted in the analyses (left) and superposition 
of the test results and the calibrated approximation (right). 
The graph (right) represents the moment rotation relationship with values measured in Nmm and rad, 
respectively. Elastic stiffness, yield force, and first inelastic stiffness which are calibrated in accordance 
with EN 12512 (2003) are then returned as output values. In addition, the peak and ultimate moment are 
provided as output assuming that the latter at the ultimate rotation is 80% of the peak moment. The 
extracted values were then implemented in Abaqus through an external user subroutine. To verify the 
correctness of the frame model the laboratory tests on the previously described joints were reproduced 
numerically. 
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The tested specimen was of T-shape and was built of one 120mm x 480mm beam and two 60mm x 
480mm columns forming the vertical part of the “T-specimen” (Figure 5-4, left). For the quasi static tests 
the loading protocol shown in Figure 5-4 (right) was applied at the top of the vertical member causing a 
push-pull action (Leijten, 2006). 
 
 
 
Figure 5-4: Left: Photo of the test setup; Center: Loading protocol (imposed displacement vs. time) used 
in the experimental test (Leijten 2006), Right: Abaqus model 
The superposition of the numerical and the test results show a good agreement (Figure 5-5), hence the T-
shape model was extended to model the frames.   
 
Figure 5-5: Superposition of numerical and test results 
Since 35 mm diameter tubes were used for the design of the connections of the frames, the available test 
results had to be extrapolated to obtain the cyclic behaviour of a connection with 35 mm diameter tubes. 
To justify the extrapolation of the experimental data, the experimental values of the equivalent viscous 
damping ratio ν of 18 and 28 mm diameter tubes were compared to each other. A difference of only 5% 
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between the two values (30% for the 18 mm tube and 35% for the 28 mm tube) was found (Leijten et al., 
2006), thus justifying the possibility to extrapolate experimental data to connectors of different diameters. 
For the extrapolation process the data, i.e. the global load-slip curves from the test results were at first 
normalized by division by their yield force and yield displacement.  
Yield Force and displacement were taken from a non-linear regression curve developed based on 
laboratory tests. Figure 5-6 shows a non-linear regression curve of a tube with a diameter of 28mm for 
two shear planes (Leijten et al., 2006). 
 
Figure 5-6: Experimental curve of the connection with four 28mm diameter dowels compared with the 
numerical approximation 
The yield point was estimated by taking the load-slip values of the intersection of the tangents which were 
drawn manually on the elastic and plastic branch of the curve. The yield force and yield displacement 
obtained for a 28mm diameter tube with two shear planes is 90.2kN and 0.68mm respectively.  
The provided test results are based on a connection with four 28mm diameter tubes. Since the DVW 
elements reinforce the connection and delay premature splitting an even load distribution amongst 
fasteners is secured; hence the effective number of fasteners neff is equal to the actual number n of 
fasteners. Therefore, the load-carrying capacity of one dowel can simply be calculated by dividing the 
overall load-carrying capacity of a connection by the number of dowels. To get the normalized load-slip 
curve of a single fastener the provided test results were then divided by four, the number of fasteners used 
in the tests.   
30 | P a g e  
 
In order to gain the load-slip curve of a 35mm dowel the non-linear regression analogy provided by 
Jaspart and Maquoi (1992) (Eq. (5-1))  was applied. 
(1) = ( − 3)141 + 5( − 3) 16789
	: + 3 ∙ 1
 
(5-1) 
 
with u being the transversal displacement and F in-plane shear force. Leijten applied this analogy to 
describe the monotonic behaviour of different diameter dowels. Based on numerical analyses and 
laboratory tests, Leijten derived the following parameters for a 35mm diameter dowel per shear plane:  
 = 97.5, 3 = 1.97, 6 = 61.4, ? = 1.38  
with: 
a = initial stiffness 
b= strain hardening stiffness 
c = pseudo elastic resistance 
d = curve fitting constant 
The yield values were then obtained in the same manner as previously for the 28mm diameter tube. The 
yield force and yield displacement for two shear planes is 110kN and 0.75mm respectively. Figure 5-7  
shows the non-linear regression curve of a 35mm diameter fastener and two shear planes. 
 
Figure 5-7: Non-linear regression curve of 35mm diameter fastener and two shear planes 
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The force-displacement values of the previously normalized single load-slip curve were then multiplied 
by the above yield force and yield displacement values. Figure 5-8 represents the capacity of a 35mm tube 
and two shear planes. 
 
  
Figure 5-8: Left: Estimated load-slip curve of a single tube fastener with a diameter of 35mm, Right 
Superimposed load-slip curve and non-linear regression curve 
The maximum estimated capacity of a 35mm diameter tube is 126.7kN. This complies with test results 
carried out on a timber frame with four 35mm diameter tubes by Ceccotti (1994) were an approximate 
force of 132kN per tube were obtained. 
To gain the moment-rotation behaviour of each joint the force values were multiplied by the radius to the 
centre of the joint instead the slip values were divided by the radius. Figure 5-9 and Figure 5-10 show the 
estimated joint behaviour of a joint with 8, 10 and 12 tubes in dependency of the radius. An additional 
analysis on the 3x5 frame was carried out using a radius of 347.5mm for the joint. The moment-rotation 
relationship of this spring is also presented in Figure 5-9, right. 
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Figure 5-9: Eight tubes with R=275mm (left), eight tubes with R=347.5mm(right) 
 
 
Figure 5-10: Ten tubes with R=347.5mm (left), twelve tubes with R=187.3mm (right) 
After establishing the moment-rotation behaviour of each of the joints, the hysteretic aproximation was 
then superimposed with extrapolated moment-rotation behaviour of the joint (Figure 5-11 and Figure 
5-12). 
 
 
Figure 5-11: Joint with eight tubesand R=275mm (left), Joint with eight tubes and R=347.5mm(right) 
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Figure 5-12: Joint with ten tubes (left), Joint with twelve tubes (right) 
6 q-factor evaluation based on non-linear dynamic analysis 
The behaviour factor “q” was introduced to account for “…the capacity of the structure to dissipate 
energy, through mainly ductile behaviour of its elements and/or other mechanisms.” (EC8, 3.2.2.5). The 
q-factor allows the designer to carry out an elastic analysis, but taking into account the energy dissipation 
occurring in the structure. For timber structures, most energy dissipation occurs in the metal fasteners or 
other connecting elements which are able to deform plastically and therefore dissipate energy. This 
energy dissipation results in a reduced seismic impact on the structure, i.e. reduced seismic forces. 
This reduction of forces is expressed by the q-factor. The initially calculated seismic forces based on the 
elastic spectrum, which have been derived from the national standard, have to be divided by the q-factor 
previously defined. 
For example based on the Italian standard, the following equation for the plateau area applies: 
A B  C D (6-1)  () =  ∙  ∙  ∙  (6-2) 
where η is 1/q. The linear elastic analysis is a simple method which allows the designer to account for the 
dissipation capacity of the structure without having to carry out a much more time consuming non-linear 
dynamic analysis. To evaluate the q-factor two different numerical methods can be applied the non-linear 
static and the non-linear dynamic approach. 
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For a non-linear static or rather pushover analysis two load patterns are to be applied horizontally on the 
structure. The so called uniform load pattern is proportional to the masses of the structure at each storey 
level. Whereas the modal load pattern is proportional to the shear forces of the first mode eigenvector 
obtained from an elastic analysis. Both loads are augmented until the collapse limit state conditions are 
reached. The sum of the base shear forces is then plotted against the top displacement of the structure. 
The q-factor is then defined as the ratio between ultimate and yield displacement multiplied by the ratio 
between ultimate force and yield force as specified in Newmark and Hall (1982). 
Some of the drawbacks of this approach are:  
1) The hysteretic behaviour of the joint cannot be considered. 
2) The strength and stiffness degradation of the joint is not taken into account which is important for 
the q-factor evaluation since these parameters give information about the dissipative capacity of 
the frame. 
3) Since the method assumes elastic perfectly plastic bi-linearization of the joint behaviour the post 
elastic hardening behaviour which is usually present in joints of timber structures is not accounted 
for. 
4) The approach does not account for inelastic response of higher mode shapes which becomes 
important for higher buildings. 
A more suitable method for the evaluation of the q-factor of timber structures is by using a non-linear 
dynamic approach.  
In a non-linear dynamic analysis the model is subjected to multiple generated or recorded ground 
motions. The joint rotation and the structural displacement together with the base shear reactions are 
monitored for each accelerogram. Therefore, more detailed information on the structural response is 
obtained. 
To evaluate the q-factor using a non-linear dynamic analysis two approaches can be used: the base shear 
approach and the peak ground acceleration (PGA) approach. 
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For the base shear approach, the sum of the base shear reactions when the frame is still in its elastic state 
(Vel) is compared to the sum of the base shear reactions when the frame reaches the rotation limit of the 
collapse limit state (Vpl): 
 = EFEGF (6-3) 
              
For the q-factor evaluation based on ground accelerations, the value of the PGA which causes the 
attainment of collapse limit state rotation, PGAinel, is compared to the PGA which causes yielding of the 
first joint of the structure, PGAel.  
 = H#I)FH#IF  (6-4) 
     
In order to compare the base shear reactions and the peak ground accelerations at the corresponding limit 
states, the rotational limit of the joint for each limit state have to be defined. For the collapse limit state 
(CLS) the rotational limit was defined as 15% of the ultimate rotation. The yield point rotation at damage 
limit state (DLS) was obtained by numerically drawing the backbone curve over the cyclic response of the 
joint. The process of how to create the backbone curve is defined in EN12512. 
Two additional rotational limit states have been defined; one for the occupancy limit state (OLS) and one 
for the life safety limit state (LLS) as defined in the Italian regulations. 
The rotational limit for the OLS was defined as two thirds of the yield rotation whereas the rotational 
limit of the LLS was defined as three quarters of the rotation at CLS. 
The obtained rotational limits of the joints at CLS were 50mrad for the 4storey by 3bay frame, 34mrad for 
the 3storey by 5bay frame and 28mrad for the portal frame. This means that the collapse limit state of a 
frame is considered attained when the first joint reaches the above defined rotational limit. The defined 
rotational limits correspond to a drift ratio of 3% for the 4storey by 3bay frame, 2.8% for the 3storey by 
5bay frame and 4% for the portal frame. For the yield point 4.3mrad for the 4storey by 3bay frame, 
4.5mrad 3storey by 5bay frame and 3.5mrad for the portal frame were noted. 
36 | P a g e  
 
A pushover analysis was performed which serves as a preliminary characterization of the seismic 
response of the analysed frames and as a reference for the subsequent non-linear dynamic analysis. 
Two pushover analyses have been performed for each structural system: one with a uniformly distributed 
load pattern which is proportional to the story masses, and a second one with a lateral load pattern 
proportional to the first mode Eigenvector. The load was calculated using Eq. (6-1) and Eq. (6-2). 
J = ∑  ∙  (6-1) 
J =  ∙ ∑( ∙ ) ∙  (6-2) 
with Fb being the base shear force and mi and zi are the masses and the height at the related storey 
respectively. The results of the pushover analysis of each frame are presented in Figure 6-1 and Figure 
6-2. 
 
 
Figure 6-1: Pushover curve based on uniform and modal load pattern; 4x3 Frame 
  
Figure 6-2: Pushover curves based on uniform and modal load pattern; Left Graph: 3x5 Frame, Right 
Graph: Portal Frame. 
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The upper curves indicate the pushover results based on a uniform distribution of the forces whereas the 
lower curve represents the results based on the modal distribution. Also highlighted are force-
displacement values of the frames when a rotation limit of a defined limit case is reached. 
Seven different accelerograms (Figure 6-3) have been generated with the software SIMQKE (Gelfi 2012).  
 
Figure 6-3: Generated accelerograms 
The council of Sant’Angelo dei Lombardi, Campania (Italy) has been taken as the reference site to 
generate the ground accelerations. To obtain representative results it is important to choose a large variety 
of accelerograms since the response of a structure is not only dependent upon the intensity of an 
accelerogram but also on its properties such as frequency content and duration (Ceccotti and Karacabeyli 
1998).  
An incremental dynamic analysis (IDA) was conducted by increasing the intensity of the accelerograms 
incrementally until a previously defined joint rotation limit was reached.  
The objective of an IDA is to find the peak ground acceleration (PGA) which causes the first spring or 
group of springs to reach one of the previously defined rotation limits for the limit states. Once the PGA 
value is found, the corresponding maximum base shear reaction at that limit state is recorded. Both base 
shear and PGA’s are then used to evaluate the q-factor as previously described using Eq. (6-3) and Eq. 
(6-4). 
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This procedure was repeated for each frame and each type of generated earthquake ground motion. The 
non-linear dynamic analyses as well as the pushover analyses were carried out with the finite element 
program Abaqus.  
Columns and beams of the frames were modelled as beam elements given the actual glulam properties. 
The areas where the densified veneer wood plates (DVW) are glued to the beams in the actual structure 
were also modelled as beams. The average property values of the DVW and the glulam were calculate 
and assigned to these elements. 
7 Analysis results 
To obtain the base shear reactions and peak ground accelerations (PGA) when the structural response is 
entirely elastic, the spring capacities were set to very large values to avoid any plasticization in the joint. 
For all other analysis the previously calibrated spring parameters were used.  
The PGA which causes the elastic response of the joints is the elastic PGA. The same applies to all other 
limit cases. The peak ground accelerations and base shear reactions when the first spring or group of 
springs reaches one of the previously defined limit states is noted. The following graphs display the 
results of the q-factor evaluation in dependency of the applied approach. Figure 7-1 and Figure 7-2 plot 
the q-factors of each frame and each generated earthquake ground motion versus the PGA, based on the 
PGA Eq. (6-4) and base shear approach Eq. (6-3) respectively. For every curve, the q-factors 
corresponding to the attainment of the life safety limit and damage limit state are highlighted. 
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Figure 7-1: Behaviour factor q in dependency of the PGA, evaluated based on the peak ground 
acceleration approach, for different generated earthquake ground motions. Top left: 3x5 frame 
(R=275mm), Top right: 3x5 frame (R=347.5mm), Bottom left: 4x3 frame, bottom right: Portal frame. 
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Figure 7-2: Behaviour factor q in dependency of the PGA, evaluated based on the base shear approach, 
for different generated earthquake ground motions. Top left: 3x5 frame (R=275mm), Top right: 3x5 
frame (R=347.5mm), Bottom left: 4x3 frame, bottom right: Portal frame. 
 
A detailed listing of the q-factor calculated based on the base shear approach and on the peak ground 
acceleration approach is presented in Table 7-1. Displayed are the values for the collapse limit state. 
Table 7-1: Detailed presentation of q-factors at CLS based on the calculated approach in dependency of 
the incremental dynamic analysis 
 Frame 3x5, R=347.5mm Frame 3x5, R=275mm Portal frame 
 PGA [g] q - PGA q - V PGA [g] q - PGA q - V PGA [g] q - PGA q - V 
IDA 1 2.85 5.60 4.79 0.64 6.30 3.41 2.85 5.60 2.86 
IDA 2 0.82 6.40 3.61 0.71 7.74 3.85 3.06 3.75 3.00 
IDA 3 0.71 7.61 4.04 0.60 4.92 2.75 3.06 2.61 2.42 
IDA 4 0.69 4.86 3.22 0.64 5.12 2.32 2.70 2.60 2.31 
IDA 5 0.92 7.50 3.60 0.62 7.63 4.06 3.36 4.13 2.98 
IDA 6 0.91 8.09 4.29 0.60 5.64 3.27 2.96 3.63 2.82 
IDA 7 
   
0.59 5.80 3.35 3.20 7.29 2.97 
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 Frame 4x3 
 PGA [g] q - PGA q - V 
IDA1_4x3 0.92 6.12 3.58 
IDA2_4x3 1.02 6.80 3.79 
IDA3_4x3 0.71 4.76 3.48 
The minimum and average q-factors based on the different approaches for the different structural systems 
are presented in Table 7-2. 
Table 7-2: Summary of q-factors 
q 
4-storey, 3-bay 
frame  
 
3-storey, 5-bay frame 
(R=275mm) 
(Joint ductility μ = 7.49) 
3-storey, 5-bay frame 
(R=347.5mm) 
(Joint ductility μ=9.6) 
Portal Frame 
(Joint ductility  
μ = 7.91) 
Average Min Average Min Average Min Average Min 
qPGA 5.89 4.76 6.16 4.23 6.68 4.86 4.23 2.6 
qV 3.62 3.48 3.29 2.32 3.92 3.22 2.76 2.31 
The graphs show a significant scatter of the values of the behaviour factor depending on the generated 
ground motion. When the PGA approach is followed the q-factor for the 3x5 frame varies between 2.5 
and 7.3 for the collapse limit state (Figure 7-1). For the base shear approach the q-factor varies between 
2.3 and 4 for the 3x5 frame (Figure 7-2). This shows that it is important to use a large variety of 
accelerograms to obtain representative values for the q-factor. This observation was also made by 
Ceccotti and Vignoli 1988 and 1990. In addition there is quite a significant difference in the results of the 
PGA approach and the base shear approach. 
Whereas for the portal frame the difference between values in five of the seven analysed cases is less than 
23%, the difference increases with an increasing number of storeys. For the 3x5 frames the difference is 
41% and 47% whereas the difference for the 4x3 storey frame is 38.5% comparing average values.  
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An increase in number of storeys which is accompanied by an increase in number of joints leads to a less 
evenly distributed load in the structure. Because of that, plasticization of the joints no longer occurs 
simultaneously. Whereas some joints reach the ultimate rotation, others may still in their elastic state. The 
described results in base shear values which do not increase linearly or rather contemporarily with an 
increase in magnitude of the PGA’s. The results of the portal frame confirm this assumption. Here the 
difference in q-factor values is less than 23% 5 out of 7 cases.   
An increase in the number of storeys also has an influence on the magnitude of the q-factor. 
This was also noted by Pozza (2013). Table 7-2 shows clearly that the q-values are nearly twice as high 
for the 3x5 and the 4x3 frame when the PGA approach is applied and 1.3 times higher when the base 
shear approach is used (compared are average values). Reason for this is simply the dissipative capacity 
which is greater for multi storey frames than for the portal frame due to the increased hyperstaticity of the 
multi storey frames.  
According to Eurocode 8 a connection has to be able to deform plastically for at least three fully reversed 
cycles at a static ductility ratio of at least 6 in order be assigned the high ductile class H. This means that 
the connection has to be able to perform three fully reversed cycles at no less than six times its yield 
displacement without a loss of strength greater than 20%.These conditions were found to be fulfilled by 
Cruz and Ceccotti (1996) who performed quasi static tests on this type of expanded tube connections. If 
this condition is fulfilled, a q-factor of 4 can be used for hyper static portal frames according to Eurocode 
8. Otherwise, if the static ductility ratio is lower than 6 but greater than or equal to 4, the behaviour factor 
should be reduced to 2.5. 
To validate the approach analyses have been carried out on the portal frame and on the 3x5 frame with 
R=275.5mm. Obtained values of the behaviour factor have then been plotted versus the static ductility of 
the joint (Figure 7-3). The static ductility was obtained by developing the ratio between the hypothesized 
ultimate rotation θult over the yield rotation θyield. The results of all analyses are displayed in (Figure 7-3). 
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Figure 7-3: q-factor versus joint ductility based on the base shear approach, and their linear regression 
law; Left Graph: 3x5 Frame, Right Graph: Portal frame. 
The plots above also show the trend line of the obtained data. The trend line for the portal frames can be 
expressed by: 
0.263 0.737q µ= +
                  (7-1) 
and for the 3-storey by 5-bay frame the following can be written: 
0.3448 0.656q µ= +
             (7-2) 
The results show that for a joint ductility of 6 an average q-factor of 2.5 and a minimum q-factor of 1.5 
for the 3storey by 5bay frame can be reached; whereas the average q-factor for the portal frame is 2.3 and 
the minimum q-factor is 2. The findings are contradictory to the suggestions made byEurocode8. The 
obtained q-factors are in both cases significantly lower than the q-factor proposed by Eurocode 8 for a 
static ductility of 6. 
For a static ductility of 4 a q-factor of 2 and 1.5 for the 3storey by 5bay frame and the portal frame 
respectively was achieved. The suggestions made by Eurocode 8 were found not to be applicable in both 
cases.  
8 Conclusions 
A non-linear dynamic approach was used to determine the q-factor. Two different types of multi storey-
moment resisting frames and a portal frame were analysed using a set of seven different generated 
accelerograms. The cyclic behaviour of the connection was approximated using an advanced numerical 
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model which accounts for the hysteretic behaviour with pinching effect, post-peak softening, and strength 
and stiffness degradation.  
The excellent ductile behaviour of the expanded tube fasteners and the high strength of the densified 
veneer wood which reinforces the timber members, make this connection a suitable solution for structures 
in seismic areas. This is the reason why an investigation on the q-factor of timber systems using this type 
of connection was undertaken and is presented in this thesis. The q-factors presented were calculated 
using two different approaches, i.e. the approach based on the peak ground accelerations and the approach 
based on base shear reactions. The relationship between the PGA’s at yield limit state and collapse limit 
state as well as the relationship between the base shear reactions at the mentioned limit states was 
established. The following conclusions can be derived based on the presented results: 
1. A notable scatter of q-factor values was obtained when different spectrum-compatible generated 
earthquake ground motions were used. This supports the evidence that several accelerograms 
have to be used to obtain representative values. 
2. The values of the q-factor varied significantly concerning the different approaches used (the Peak 
Ground Acceleration (PGA) approach or the base shear approach) and when the type of structural 
system was changed. 
3. The relationship between static ductility ratio and q-factor proposed by Eurocode 8 was found not 
to be applicable in this case. At a static ductility of 6 a conservative value of the q-factor of 2.5 
and 2.0 can be recommended, for multi-storey moment resisting frames and hyperstatic portal 
frames respectively. If the static ductility reduces to 4, the recommended values of the q-factors 
should be decreased by 0.5 in both cases. 
4. A q-factor of 4 for joints with expanded tube fasteners was found too high. 
5. Based on the results of the numerical analyses a conservative value of the q-factor of 2.5 can be 
proposed for portal frames, whereas a q-factor of 3.0 is suggested for multi-storey moment 
resisting frame. 
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6. An increase of the q-factor for frames of a higher number of storeys seems to be likely. As shown 
in the analysis a q-factor of 3.5 is achieved when the number of storeys was 4.  
The recommended q-factors of joints with tube type fasteners indicate a very good ductile behaviour 
which is also confirmed looking at the hysteretic response of the tested joint. The area enclosed by the 
hysteretic loops is considerably large leading to high energy dissipation in the joint. Further experimental 
tests are necessary to provide a solid and robust verification of the results discussed above. 
9 Discussion 
In the presented analysis the q-factor was calculated using the relationship between the elastic base shear 
and plastic base shear as well as on the relationship between the peak ground accelerations at the different 
limit states. The calculated q-factor represents the intrinsic or real behaviour factor of the corresponding 
frame structure. 
Drawback of this method is the definition of the yield point which unlike for steel structures cannot be 
exactly defined. The ductile behaviour of timber joints cannot be described using a bi-linear elastic 
perfectly plastic curve. The joint behaviour of timber connections is of curvilinear shape and has post-
elastic features. Therefore, an approximation has to be used which defines the yield point. The method is 
defined in EN12512 and is based on the maximum load carrying capacity of the joint and the angle of the 
secant which is the connection between intersecting points of the 10th and 40th percentile value of the 
maximum load carrying capacity and the first loading cycle. 
The intersection between the load values and the first branch of the moment-rotation curve has to be 
derived by hand. In addition to that, the secant which is subsequently established, cuts through the first 
load-slip curve hence does not represent the initial elastic stiffness accurately.  
The current definition of the yield point of EN12512 was found to be too broad and ambiguous. It leaves 
room for interpretation which may lead to results differing significantly from each other. The question 
arises whether it is meaningful to define a yield point for joints in timber structures and to what extent this 
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is possible. In addition, the q-factor derivation is not clearly defined in Eurocode 8 which again could lead 
to misunderstandings and misinterpretation when comparing results.  
Eurocode 8 suggests the application of the ratio between the seismic forces when the structure is 
“completely elastic” EC8 (3.2.2.5 (3) P) and the seismic forces which are used in design. It is necessary to 
specify more in detail the approach and procedures to be applied for the q-facture determination. The 
behaviour factor q describes the ability of a structure to dissipate energy through plasticization, which 
mainly occurs in the connection regions of timber systems. A high q-factor is desirable since the seismic 
forces in a structure will be significantly reduced. In order to ensure plasticization of the fasteners, the 
timber members have to be either overdesigned or reinforced. This is an important point which has to be 
addressed to the designer. 
10 Summary Part 1 
The behaviour of multi-story timber frames under lateral loads was studied in Part 1. Different, already 
studied options are presented in Chapter 2. An innovative dowel type connector, developed at the 
University of Delft, the Netherlands was selected for the post-beam intersections.  Characteristics and 
outcomes of previous tests are described. The objectives of the numerical investigation are presented 
which included the verification of existing hypothesis concerning the behaviour factor q of hyperstatic 
timber frames using tube type connectors and to establish a new q-factor if required and to evaluate the 
ductility ratio according to Eurocode 8. 
The development of numerical frame models in Abaqus is described as well as the procedure of pushover 
and incremental dynamic analysis.  The q-factor was then evaluated applying the base-shear and ground 
acceleration approach. The results of both approaches were analysed and compared. The q-factor initially 
proposed by Leijten was not verified. New behaviour factors for different frame types are suggested. 
Findings concerning: the variation of the behaviour factor based on the approach; the number of selected 
ground motions and the number of storeys/joints in a structure are presented. The static ductility ratio 
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according to Eurocode 8 was evaluated. No relation between the ductility ratio and the behaviour factor as 
suggested by Eurocode 8 was found. Finally the evaluation method of the q-factor is discussed. 
Suggestions for future research are given. The analysis showed that high dissipative connection behaviour 
is achieved when tube type connectors are used in frames but that no damage avoidance system is 
achieved. 
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PART II – LATERAL 
LOAD BEARING 
WALLS 
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11 Introduction part II 
Lateral load bearing walls are common elements to transfer horizontal wind and seismic loads. Stud frame 
walls sheeted with plywood are widely used throughout the world. Cross laminated wall panels are 
extensively used in Europe and more recently also in North-America and Japan. Due to the generally high 
number of walls and connections a continuous load transfer between adjacent structural elements is 
guaranteed. Shake table tests on cross-laminated timber buildings have shown that such a structure is able 
to resist multiple earthquakes without being severely damaged (Ceccotti 2007, Sartori et al. 2012). In 
recent years it was tried to reduce the number of lateral load bearing walls to increase the architectural 
freedom when designing a building. 
The Nelson Marlborough Institute of Technology (NMIT) in New Zealand is one example where a 
vertical load bearing timber frame is combined with pre-stressed laminated veneer lumber (LVL) walls. 
The LVL walls are spanning over the full height of the three storey structure and provide lateral load 
resistance (Devereux and Pampanin et al. 2011).  
Another example is the Trä8 system studied in Sweden (Tlustochowicz, 2011). Glulam posts and beams 
form the skeleton of the walls which are covered with LVL Kerto Q-boards. The walls have T, L and X-
shaped cross sections which make them self-supporting during the assembling process. Also in this case 
the walls are reaching over the entire four stories of the structure. However, only wind loads are 
considered in the design of these elements (Tlustochowicz, 2010). 
The tension and compression forces at the interface between wall and foundation resulting from wind and 
seismic loads are large. Therefore, great attention needs to be paid to the anchorage system of these walls. 
A connection system has to be found which provides sufficient stiffness to resist the static wind loads and 
at the same time provides ductility to dissipate energy in a seismic event. Different options to anchor 
lateral load bearing are possible. Glued in rods and nail plate connections where considered as possible 
anchoring of the Trä8 system. Other options are for example dowelled or bolted, reinforced or 
unreinforced connections. The nailed and glued in rod connections were tested in the laboratory. The 
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glued in rods connection exhibited a high initial stiffness but the failure mechanism was entirely brittle by 
rod tear out. Also the nailed connection failed brittle due to plug shearing (Johnsson, 2013).  
Whereas brittle failure mechanisms in glued-in rod connections are common due to the high rigidity of 
the rod, brittle failure mechanisms in nailed connections can be delayed. The tested connection failed in a 
brittle manner because of too small spacing between fasteners and too small end-and edge distances. 
Considering sufficient fastener spacing and end and edge distances as well as a balanced slenderness 
ratio, brittle failure mechanisms in timber connections with metal fasteners can be avoided. Dowelled and 
bolted connections are widely used and easy to assemble.  If brittle failure mechanisms can be avoided 
they provide a robust and ductile connection solution. For this reason a bolted connection was chosen to 
anchor the lateral load bearing walls. 
To delay splitting in dowelled or bolted connections which are subjected to high forces screws can be 
used in the connection to provide reinforcement. The feasibility of non-reinforced and reinforced bolted 
connections as possible anchorage solution for lateral load bearing walls under seismic and wind loads are 
studied in the following. To maximize the energy dissipation of a connection subjected to cyclic loading, 
as it is the case during an earthquake, damping devices or elements are the most effective solution. In case 
of the NMIT building flexural U-shaped steel elements where positioned between two adjacent walls 
providing energy dissipation as the walls rock. Other options are mild steel or viscous dampers which 
have also been tested in connection with timber walls under cyclic loading (Buchanon et al. 2008, Smith 
et al.2009) 
A new type of viscous damping device was developed at the University of Canterbury. Tests on steel and 
concrete structures have shown that the high-force-to-volume (HF2V) elements are able to resist several 
earthquakes without being severely damaged (Rodgers, 2009). This is why an experimental study was 
conducted to investigate the feasibility of these elements as connecting solution for the lateral load 
bearing walls. The feasibility of bolted connections and damping devices in timber walls is studied on the 
case study building presented in Chapter 4.  
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12 Design of study wall 
For the design of the walls the load derivation described in Chapter 4 applies. Dead, life and imposed 
loads as well as wind and snow loads are considered as presented in Chapter 4.4. 
Three glulam walls are positioned on the perimeter on either side of the structure. The walls are thought 
of being manufactured in one piece as a beam element. They are then turned vertically, reaching over the 
full height of the structure.  
12.1 Load derivation 
12.1.1 Wind load 
Based on the wind loads obtained for the reference site Sant Angelo dei Lombardi, Campania and the 
distance between lateral load bearing walls of 19.50m the wind load Pmin at the foundation of the building 
results to 8.78kN/m and the wind load at the top of the structure results to Pmax is 11.7kN/m. 
12.1.2 Seismic Action 
To derive the seismic loads the same procedure as described in Chapter 4.4.6 was applied. A q-factor of 
1.5 was used in the design as suggested by Eurocode8 (8.3, Table 8.1) for cantilevers and bolted 
connections with a diameter greater than 12mm. 
The following parameters listed in Table 12-1 were applied for the calculation of the seismic loads of the 
ultimate limit state: 
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Table 12-1: Design parameters (ULS) for elastic analysis based on NTC 
ag[g] F0 TC* [s] 
Ground 
Type VN [years] 
Se[g] η S 
0.266 2.285 0.376 B 50 0.47 0.667 1.157 
With ag = peak ground of the chosen site, F0 = spectral amplification factor, TC*= factor depending on the 
ground type needed for the initial period, VN = reference Period, Se the ordinate of the elastic spectrum 
calculated based on η, S, F0 and ag. 
The following equation for the calculation of the base shear force  as defined in NTC (7.3.3.2) applies: 
 = (	) ∙  ∙ /                                                     (12-1) 
with: 
(	) - ordinate of the design spectrum 
	 - fundamental period of vibration which is  	 = 	 ∙ / with H = 9.6m and C1=0.05 
m - total mass of building derived based on the load combination presented in NTC 3.2.4 (Eq. 3.2.17) 
 - correction factor, which is 0.85 in this case 
where: 
() = ()  (12-2) 
and 
() =  ∙  ∙  ∙   (12-3) 
The calculated base shear force is 923kN. 
The base shear force is then distributed in the following way on the structure: 
 =  ∙  ∙ / Σ        (12-4) 
For the seismic load derivation of the serviceability limit state a q-factor of 1 has to be used. The 
parameters resulting from the design spectrum are Table 12-2:  
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Table 12-2: Design parameters (SLS) based on NTC 
ag[g] F0 TC* [s] 
Ground 
Type VN [years] 
Se[g] η S 
0.23 2.329 0.297 B 50 0.23 1.0 1.2 
The base shear force in the serviceability limit state is 602.59kN 
12.1.3 Load combinations 
The following load combinations based on NTC 2.5.3 apply: 
1) Ultimate limit state based on wind and snow loads 
1.3 ∙ # + 1.5 ∙ & + 1.5 ∙ 0.5 ∙ &()*+ + 1.5 ∙ 0.3 ∙ &,) 
1.3 ∙ # + 1.5 ∙ & + 1.5 ∙ 0.5 ∙ &,) + 1.5 ∙ 0.3 ∙ &()*+ 
2) Serviceability limit state based on wind and snow loads 
The horizontal and vertical displacement caused by wind and snow loads is a combination of the initial 
displacement and the displacement based on permanent and imposed loads (NTC 4.2.4.2.1 and 4.2.4.2.2). 
The following load combinations apply: 
a. Rare: # + & + &()*+ + 0.7 ∙  &,) and  # + & + &,) + 0.7 ∙  &()*+ 
b. Frequent: # + & + 0.5 ∙ &()*+ and # + & + 0.5 ∙ &,) 
c. Quasi permanent: # + & 
The horizontal displacement due to wind has to be lower than 0.05h (NTC 4.2.4.2.2, Tab. 4.2.X). 
3) Ultimate limit state based on seismic loads (SLV spectrum) (NTC 3.2.4): 
./0( + # + 0.3 ∙ &,) 
4) Serviceability limit state based on seismic loads (SLD spectrum) (NTC 3.2.4) 
.(0( + # + 0.3 ∙ &,) 
The horizontal displacement due to wind has to be lower than 0.01h based on 7.3.7.2 (b). 
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12.1.4 Load reactions 
The software RStab was used to determine the governing moment, shear and axial forces based on the 
governing load combination. In addition, horizontal and vertical deflections were obtained. Table 12-3 
represents the governing load reactions. Tension and compression forces acting on the connections are 
presented which were derived considering a wall width of 3m and a lever arm between connections of 
2.64m. 
Table 12-3: Load reactions summary 
Moment 
[kNm] 
Shear 
[kN] 
Compression 
[kN] 
Deflection 
[cm] 
Width of 
wall [m] 
Tension/  Compression  
Hold-down [kN] 
Seismic Seismic Seismic Seismic 
 
  
1685 224.14 63.00 1.00 3.00 638 
12.2 Design Verification 
The design is based on the Italian National Regulation for Construction (NTC) and Eurocode 5 and 8. 
Based on the italian regulations a kmod value of 1.0 (instantaneaous actions, table 4.4.IV) and a γm value of 
1.5 for connections and 1.45 for glulam elements (Table 4.4.III) has to be used. 
The horizontal displacement due to wind has to be lower than 0.05h (NTC 4.2.4.2.2, Tab. 4.2.X) whereas 
the horizontal displacement due to seismic loads has to be lower than 0.01h NTC 7.3.7.2 (b). Both 
requirements are fulfilled. The design verifications are presented in Annex B. The dimension of the walls 
result in 3m length and 160mm width. 
13 Connections with dowels and bolts  
13.1 Introduction 
Dowels and bolts are well established in the design of connections in timber structures. Dowelled and 
bolted connections are fast and easy to assemble which made them become one of the most common 
solutions for joining timber elements. Key problem to be solved is like in all types of fastener 
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connections, the avoidance of brittle failure mechanisms. To increase the load carrying capacity of a 
connection and avoid abrupt failure mechanisms (due to splitting or cracking of the wood) a ductile 
behaviour of both fastener and timber is necessary. Especially in seismic design, plasticisation in the 
connection area is highly desirable. A plasticisation of fasteners results in an energy dissipation and 
therefore in a reduced impact on the timber elements and the structure during an earthquake. However, 
the fulfilment of above requirement becomes particularly difficult in seismic design as the forces which 
need to be transferred are generally high. 
The lateral load bearing walls presented in Figure 4-1 are cantilevering over the full height of the 
building. Therefore, anchoring the walls is only possible through connections positioned at the bottom of 
the wall. Two bolted connections are positioned on the corners of each wall taking tension and 
compression forces. During the design process of the connections of the walls, it was realized that the 
bolted connections would fail by block shearing according to Eurocode 5, Annex A.  
The design verification against block-shear failure as presented in Annex A is found to be inadequate and 
to too conservative.  
Monotonic tests on dowelled connections were performed to investigate the relevance and accuracy of 
this design approach. In addition, quasi static tests on non-reinforced and reinforced bolted connections 
were carried out. This was done by investigate the response of bolted connections to cyclic load and to 
study the effect of the reinforcement on the connection behaviour under such conditions. The test results 
and discussion are presented in the following chapters.  
13.2 Brittle failure mechanisms in timber connections 
To anchor the lateral load bearing walls designed in Chapter 12 different connection systems were 
considered, e.g. bolted steel-timber-steel connections or bolted connections with slotted-in steel plates. 
The number of bolts as well as the number of slotted-in plates were varied. The leverarm was 
approximated to 2.64m allowing for an edge distance perpendicular to the grain of a4 equal to 3d and a 
distance between fasteners perpendicular to the grain of a2 equal to 4d (EC 5, Table 8.4). During the 
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design process it was realized that brittle failure mechanisms such as block shearing became the 
governing failure critereon. Whereas the design verifications after Eurocode 5, Chapter 8.5 were fulfilled, 
the requirements against block-shear failure according to EC5, Annex A were not met. 
Due to the abrupt failure and unutilized plastic capacity of mainly the fasteners, brittle failure mechanisms 
are to be avoided.  
Design rules for the avoidance of brittle failure mechanisms were initially established by Johansen who 
carried out tensile tests on single fastener connections. For dowelled connections he suggested a 
minimum spacing between fasteners of a1=10d, a loaded end distance of a3=7d and an edge distance of 
a4=3d (Figure 13-1). 
Figure 13-1: Spacing and distances between fasteners for dowelled connections after Johansen (1949) 
For bolted connections he proposed an increase of the loaded end distance of 10d. His findings which 
were later extended by Meyer (1957) present the foundation of the European Yield Model (EYM) which 
is fully incorporated in Eurocode 5 (EC5, EN 1995-1-1:2004). It represents the capacity calculation of 
timber connections with metal fasteners. 
This theory is based on a ductile behaviour of the connection. This means that fastener and timber reach 
the plastic state prior to failure. If these boundary conditions are not fulfilled, the capacity of a connection 
is overestimated and brittle failure occurs. 
Later studies refined and extended the design rules concerning the spacing, edge and end distances, the 
slenderness ratio λ and the effective number of dowels in a row (Jorissen, 1998). The slenderness ratio is 
defined by 
d
t
 with t = timber thickness and d = dowel diameter. An optimized slenderness ratio was 
suggested by Mischler (1998): 
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LGMNOF ≥ 1.4 ∙ Q 8RS,TUV,U ∙ ? (13-1) 
with Mu,95 being the upper 5th percentile of the bending strength of the dowel and fh,05 being the lower 5th 
percentile of the embedding strength of timber. As indicated in Eq. (13-1) and pointed out by Mischler, 
the strength of the steel, spacing and distances should be related to the properties of the timber. 
However, despite this knowledge brittle failure in timber structures such as splitting along the row of 
fasteners and tearing out of timber blocks has been observed ever since. The failure mechanism when an 
entire block is torn out of the connection area is called block shear failure.  
The design verification against block shear failure is presented in Annex A of Eurocode 5 Eq.(13-2). 
Block shear failure occurs in timber connections under tensile loads when a large number of metal 
fasteners in a row is used. Block shear failure is generally a combination between tensile failure at the 
connection end farthest from the loaded edge and a shear failure on either sides of the connection 
assembly. 
W,XJ = Y Z1.5 ∙ I)M,M ∙ VM,,J0.7 ∙ I)M,[ ∙ V[,J   (13-2) 
 
Figure 13-2 presents the different areas used for the derivation of the corresponding load carrying 
capacity. 
 
Figure 13-2: Tension and shear area for the calculation of the load carrying capacity 
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In EC5, Annex A these failure mechanisms are treated independently. Both the capacity of the cross 
sectional area in shear and the capacity of the cross sectional area in tension are calculated. The maximum 
of both results governs the design. This approach seems logical. Once the capacity of either the area in 
shear or tension is reached the remaining area still provides resistance and is therefore governing the 
design. 
However, many researchers agree upon the fact that the approach presented in Annex A does not 
sufficiently describe the block shear failure mechanism (Zarnani and Quenneville (2012), Johnsson 
(2003), Hanhijärvi et al. (2006)). Great effort is made to find new methods to more adequately describe 
block shear failure. 
For dowelled connections an approach was presented by Hanhijärvi and Kevarinmäki (2008 and 2009).  
Their approach is based upon the division of the connection into inner and outer parts (Figure 13-3).  
 
Figure 13-3: Example of a timber specimen with dowels indicating the division of inner and outer parts 
after Hanhijärvi and Kevarinmäki (2008) 
The embedding capacity, the tensile and shear capacity of the related cross sectional areas and their 
interaction as well as the capacity against hole and end splitting needs to be calculated for both inner and 
outer parts. In contrast to the EC5 approach the minimum value of the calculated capacities is determined 
and represents the governing design criterion. Due to its complexity, the approach results in difficult 
application in common practice. 
Other researchers specifically dealing with block and plug shear failure mechanisms came to more simple 
conclusions for the avoidance of this failure mechanism. Kangas and Kevarinmäki (1997 and 1998) 
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established a model which optimizes the distances and spacing between nails in timber joints. They also 
came to the conclusion that in order to avoid block shear failure, the spacing between nails and the joint 
area have to be increased to achieve the full capacity of the nails. Johnsson (2003) suggested that in order 
to avoid plug shear failure the joint width should be increased and the number of fasteners in a row should 
be decreased. Kairi (2004) came to the conclusion that slenderness ratio λ and number of dowels should 
be optimized such that fastener yielding is attained before timber failure occurs. 
The presented literature summary shows that, although the brittle failure mechanisms dealt with were 
mainly related to nailed connections, the authors agreed upon the application of basic design principles to 
all fastener types such as fastener spacing, diameter and timber volume to avoid brittle failure 
mechanisms like plug shear or block shear failure. 
14 Monotonic tests on dowelled connections 
The following research questions will be analyzed in this paragraph:  
1) Is it possible to avoid brittle failure mechanisms like block-shear failure when the design rules 
initially established by Johansen are considered? 
2) Is block shear failure as predominant as assumed by EC5, Annex A? 
In addition, a verification of the alternative approach presented by Hanhijärvi and Kevarinmäki for the 
capacity calculation against block-shear failure was carried out. For that purpose, laboratory tests were 
carried out at Neue Holzbau AG in Lungern, Switzerland. 
14.1 Material and conduction of experimental tests 
Thirty-five single dowelled connections of steel-timber-steel type were tested to failure. The specimens 
were constructed with either one or two rows of diameter 12mm dowels. The number of dowels in a row 
as well as edge and end distances varied (Figure 14-1). Specimens with two and one row of dowels with 
three or four dowels in a row were tested. The bolt pattern was chosen in order to limit the effort needed 
for assembling but still allowed for obtaining representative results.  The fastener spacing a1 parallel to the 
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grain was 7.5d which is less than suggested by Johansen but higher than the minimum values required 
according to Eurocode 5 (5d for forces parallel to the grain) and the Swiss standard SIA 265 (7d). The 
distance between dowels perpendicular to the grain was chosen to be 5d (minimum values according to 
Eurocode 5 and SIA are both 3d).  
An additional test was carried out with a total of four dowels (two rows of two dowels). The spacing 
between fasteners parallel to the grain was 15d whereas the loaded end distance was 12d. The aim was to 
investigate the influence of end-distance and spacing on the load carrying capacity and the embedment 
strength. 
 
Figure 14-1: Detailed layout of test specimens 
Ten boards of European spruce with similar grain pattern, density and moisture content were visually 
selected out of 100 boards. Knots and defects such as compression wood were cut off to achieve 
representative results. A typical grain pattern of the selected boards is shown in Figure 14-2.  
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Figure 14-2: Typical grain pattern of tested boards 
The boards had a length of 2.50m and a width of 220mm. The board width for each specimen was cut out 
of this large board. The specimens tested were of 2m length. The sound wave velocity of each board was 
determined. The mean sound velocity measured was 5960m/s with a standard deviation of 2%. The sound 
velocity was determined on a board length of 2.50m. 
The timber boards had a characteristic tensile strength of ft,0,k = 20 N/mm2 according to their strength 
grade.  The measured mean tensile strength was ft,mean=23 N/mm2.  The boards were kept in the laboratory 
one week prior to testing at a relative humidity of 50% and a temperature of about 20°. 
The mean density of the boards which was measured at a moisture content of w ≈ 10% was ρmean = 470 
kg/m3. The standard deviation was 4% for the density. The dowels were of high strength steel (ETG 100, 
fu = 1000 N/mm2, fy = 900 N/mm2) and had a smooth surface. Steel plates (S235) with a thickness of 
5mm were used for the tests. The specimens were assembled and the tests were completed in within three 
days. The holes were drilled by hand using the steel plates as basis pattern. 
The holes in the steel plates were oversized by 0.5mm, whereas the holes in the boards were drilled using 
a drill bit of 12mm in diameter. This was done to avoid any slip in the connection. 
The test set up and load apparatus is presented in Figure 14-3. The specimens were stabilized with steel 
clamps to minimize the specimen slipping sideways. Four M24 bolts connected the specimens via steel 
plates to a steel block which was then fixed to a threaded bar connected to the test apparatus.  
The examined connection was always the bottom connection of the specimen. The load was applied 
evenly in both directions by a hand pump (ENERPAC). The pressure reached at failure was documented 
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and converted into a failure load. The pump speed was applied to reach failure after approximately 
5minutes. The deformation during testing was not monitored. 
 
Figure 14-3: Test Set-up and Load application 
14.2 Test results and observations 
To verify the approach presented by Hanhijärvi and Kevarinmäki (2008/9) stocky dowels of high strength 
class were chosen to avoid any ductile behaviour of the fastener. The slenderness ratio of the dowel λ was 
3.33 which can be regarded as stocky (Jorissen, 1998). 
With a steel side plate thickness of 5mm and a dowel diameter of d = 12 mm the steel plates can be 
regarded as relatively thin: 
\? C Q 8R]?V,J ^ Q 4V]3V,J = Q4 ∙ 9003 ∙ 30 ^ 6.2 (14-1)  
with fh,k being the embedment strength according to EC5 (8.5.1.1, Eq. 8.32) 
The observed failure mechanisms were row splitting, cracks along the row of the fasteners, tensile failure 
of the cross section or side parts of the timber. Splitting and cracks along the row were observed 19 times 
of which 11 failed primarily ductile. Tensile failure was observed 8 times of which two specimens failed 
primarily ductile. Row shear combined with tensile failure occurred six times. Since the displacement was 
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not monitored during testing the enlargement of the hole was measured after finishing the test. Hole 
enlargements of 2mm were taken as an indication for plastic deformation of the wood and therefore as an 
indicator for ductile behaviour. For the test with a fastener spacing of a1=12d the hole deformation was 
5mm. The tensile failure of side parts which was observed three times may be due to manufacturing 
inaccuracies.  
Although errors in the wood like knotholes, compression wood etc. were excluded, a high number of 
specimens failed purely in tension. Because of this the number of bolts was reduced to 3 instead of 4 bolts 
in a row. 
Table 14-1 contains the geometrical and mechanical properties of the specimens, and the related failure 
load and failure mechanisms. The following abbreviations are used: SC/S = splitting and/or cracks along 
the row, T = tensile failure of the timber cross-section, RST = row shear combined with tensile failure, 
I/C = test interrupted/test cancelled. Furthermore, an index d for primarily ductile failure is added to those 
failure modes which first showed relatively large timber deformation before brittle failure (e.g. SCd, Td 
and RSTd). 
Table 14-1: Summary of failure mechanisms in correspondence with specimen details 
One Row of 4 dowels 
Specimen Distances 
No. of 
Dowels in 
row 
Number of 
rows Density 
Failure 
Load 
Failure 
Mode 
  a4 a3           
  mm mm     kg/m3 kN   
30/30-1 30 30 
4 1 
468.0 35.2 SC 
30/50-1 30 50 464.4 65.7 SC 
30/70-1 30 70 458.6 64.5 T 
30/90-1 30 90 447.5 63.9 T 
40/30-1 40 30 
4 1 
430.9 20.3 I/C 
40/50-1 40 50 452.3 55.6 SC 
40/60-1 40 60 478.5 67.3 SC 
40/70-1 40 70 494.8 63.7 SC 
40/90-1 40 90 447.7 66.1 SC 
40/120-1 40 120 503.9 69.1 T 
60/40-1 60 40 4 1 524.3 38.3 SC 
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60/50-1 60 50 472.2 44.3 SC 
60/70-1 60 70 466.1 61.7 SC 
60/90-1 60 90 451.7 72.8 SC 
75/60-2 75 60 4 1 479.8 - I/C 75/120-2 75 120 470.9 157.3 T 
Two rows of 4 dowels 
40/60-2 40 60 4 2 500.8 122.5 SC 
60/60-2 60 60 4 2 481.0 62.5 RST 
60/120-2 60 120 472.0 114.6 RST 
One row of 3 dowels 
30/40-1.1 30 40 
3 1 
454.1 33.5 SC 
30/50-1.1 30 50 497.2 48.5 SC 
30/60-1.1 30 60 469.0 53.2 T 
30/70-1.1 30 70 484.0 49.1 SC 
30/90-1.1 30 90 447.3 39.1 SC 
30/90-1.1b 30 90 456.6 53.4 T 
40/60-1.1 40 60 3 1 440.0 55.3 S 
40/90-1.1 40 90 459.0 56.1 S 
60/60-1.1 60 60 3 1 451.0 44.9 S 
60/90-1.1 60 90 436.0 53.1 S 
Two rows of 3 dowels  
40/60-2.1 40 60 
3 2 
469.0 87.0 RST 
40/90-2.1 40 90 464.0 106.3 RST 
40/120-2 40 120 489.7 104.2 T 
45/60-2.1 45 60 3 2 456.0 
76.9 RST 
45/120-2.1 45 120 453.0 103.3 RST 
The following images (Figure 14-4) are examples for the failure mechanisms described in Table 14-1. 
 
a) 
 
b) 
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c)  
d) 
 
e) 
 
Figure 14-4: Photos showing different failure mechanisms: a)and b) splitting and cracks along the row, 
c) and d) row Shear combined with tensile failure, e)tensile failure 
14.3 Analysis of test results 
In the following the achieved load during testing is compared with the predicted capacities based on the 
verification against block shear failure of Eurocode 5, Annex A and with the alternative approach 
suggested by Hanhijärvi and Kevarinmäki (2009) as presented in the research report VTT–S-07046-09. 
The capacities are calculated using the material properties obtained during testing. The densities of each 
of the specimens were used for all approaches as well as the mean tensile and shear strength of 23N/mm2 
and 3.86N/mm2 respectively.  The capacity against block shear failure resulting from Annex A is the 
maximum value of the following equations: 
W,XJ = Y Z1.5 ∙ I)M,M ∙ VM,,J0.7 ∙ I)M,[ ∙ V[,J  (14-2) 
with I)M,M and I)M,[ being the net areas of the cross-section perpendicular to the grain and parallel to the 
grain and VM,,J and V[,J being the characteristic tensile and shear strength of the timber respectively. To 
calculate the capacity of the connection against block shear failure based on the Finnish approach 
equations (14-3) to (14-9) have to be considered. The capacity of each of the different failure mechanisms 
has to be calculated for the inner and the outer part.  
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a) Embedment failure 
,,J = I, ∙ V,J (14-3) 
b) Tension 
M,J = 2`	a.	IM,G ∙ VM,,J  (14-4) 
c) Shear 
[,J = `	a.	 ∙ I[,G ∙ V[,J  (14-5) 
The governing failure mechanism result as the minimum between the embedding capactiy and the 
interaction between shear and tensile capacities. 
,J = min (,,J , Me[,,J)  (14-6) 
The embedding, tension and shear capacities have to be calculated also for the outer parts. In addition, the 
capacity of the hole against splitting and end splitting capacities have to be evaluated. 
d) Splitting of hole 
W,J = 14 ∙ `	.Tf*F \g,( − 0.5?)VM,T,J  (14-7) 
e) End splitting 
W),J = 14 ∙ `	.Tf) \g,( − 0.5?)VM,T,J  (14-8) 
The governing failure mechanism result as the minimum between the embedding capactiy, the interaction 
between shear and tensile capacities, the interaction between shear capacity and the capacity against hole 
splitting and the capacity against end splitting. 
,J = min(,,J , Me[,,J , [eW*F,,J , W),,J)  (14-9) 
With: 
I,, I[,G, IM,G area against embedment, shear failure and tensile failure respectively 
`, `	, `h  total number of bolts, total number of bolts in a row parallel to the grain, total  
   number of bolts perpendicular to the grain 
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f*F, f)  ratio between average and maximum perpendicular to the grain stresses at hole  
   and end respectively. 
In addition, the test results are compared with the Eurocode 5 equations for double shear steel-to-timber 
connections with thin steel plates as presented in Eq.(14-10) 
[,XJ = i` j 0.5 ∙ V,h,J ∙ \ ∙ ?k1.15 ∙ R],XJ ∙ V,h,J ∙ ? + Ol4   (14-10) 
The prediction of the load carrying capacity is the minimum of the values obtained by the formulas 
presented in Eq. (14-10) and Ol being the characteristic withdrawal capacity of the fastener. 
The approximate analytical equation of EC5 was used to calculate the yield moment: 
R],XJ = VS,J ∙ 0.3 ∙ ?h.m  (14-11) 
with d signifying the dowel diameter of 12mm and VS,J being its characteristic tensile strength of 1000n/
h. The failure load based on the embedding strength was always governing. This is due to a low 
slenderness ratio and the great strength of the dowels. The results are presented in Figure 14-5a to Figure 
14-5d.  
 
a.) 
 
b.) 
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c.) 
 
d.) 
Figure 14-5 a.) to d.): Comparison between observed and predicted failure loads using EC5, EC5 Annex 
A, and Hanhijärvi and Kevarinmäki (2008/9) approach versus end distance a3. Fi indicating the results 
based on Hanhijärvi and Kevarinmäki, a4 is the edge distance. 
Although the failure mechanism due to the unfavourable relationship between dowel diameter and board 
thickness were mainly brittle due to timber failure, the design approaches discussed underestimated the 
load carrying capacity of the connection by far. For a loaded end distance smaller than 6d the test results 
were in average 3.5 times higher than predicted by the Finnish approach and 1.5 times higher than 
predicted by EC5, Annex A. Instead for a loaded end distance of a3 greater than 6d the test results were in 
average 2 times higher than predicted by the Finnish approach and predicted by EC5, Annex A. The 
reason for this variation is the governing failure mechanism and the factors which are considered in the 
corresponding approach. For small loaded end distances, end splitting is the governing failure mechanism 
in the Finnish approach. With increasing end distances this change to an interaction between shear and 
splitting of the hole. Eurocode 5, Annex A does not considered hole or end splitting. The governing 
failure mechanism here was always the shear capacity of the related shear planes. 
The varying capacity based on the Eurocode 5 equations (EYM) is due to the density which was obtained 
during testing of each of the specimens. For a constant density as it is the case in a design situation, there 
is no variation of the capacity since the embedment strength which is governing in this case is dependent 
upon neither a3 nor a4. Apart from that, the graphs also showed that the failure load is predicted well by 
the Eurocode 5 equations, which are always conservative. 
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It was observed that for specimens with only one row of dowels no significant increase in the load 
carrying capacity could be achieved with an end-distance of a3 greater than 5d. Since the governing 
failure mechanism of these specimens was splitting and cracking along the row of the dowels, this could 
be an indicator that the embedding strength of the timber was reached. 
Instead the specimens with two rows of dowels failed mainly in tension of the cross-section, indicating 
that the tensile capacity of the timber was reached. 
Finally, Figure 14-5a) shows that for specimen 75/120-2 the failure load was about 2.4 times higher than 
predicted based on Eurocode 5. This observation will be further investigated at a later stage. The 
experimental failure load per dowel was then compared with the embedding strength calculated using the 
semi empirical formula of Eq. (14-12).  
V,J = 0.082 ∙ (1 − 0.01 ∙ ?) ∙ oJ (14-12) 
The calculated embedding strength was then converted into a load per fastener by multiplication with 
timber board thickness t and dowel diameter d. The embedding strength of each specimen was calculated 
using the density of each specimen obtained during testing. This method was also applied by Ehlbeck and 
Werner (1992). The results are presented in Figure 14-6. 
It was realized that the embedding strength of the timber was reached when the loaded end distance a3 was 
greater than 60mm (5d) (Figure 14-6). 
 
Figure 14-6: Comparison between experimental failure load per dowel and embedding strength (based 
on EC5) vs. end distance a3. 
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The comparison was carried out to be used as an indicator for a ductile behaviour of the connection. As 
can be seen from the graph for an edge distance of a3 greater than 5d the calculated embedding strength 
based on the EC5 formulas was achieved. This indicates that although stocky dowels were used, if 
distances and spacing are kept sufficiently large, the maximum timber capacity in regards to the 
embedding strength can still be reached. The effective number of dowels during testing was compared 
with the effective number of dowels `gg calculated based on the Eurocode 5 formula:  
`gg = i` p ``.T ∙ k 	13?q  (14-13) 
where n is the actual number of fasteners. To obtain a representative value the edge distance for the 
Eurocode value was set to 80mm as recommended in Table 8.5, Eurocode5.  
The effective number of fasteners in the test situation was obtained by dividing the failure load per 
fastener by the maximum capacity achievable per fastener. The maximum fastener capacity was obtained 
as described in Eq. (14-13), by taking the minimum of both values. 
In the series with one row of dowels the effective number of fasteners was greater than the effective 
number of fasteners calculated according to the Eurocode 5 and equal to the actual number of fasteners 
when the condition a3≥5d is satisfied (Figure 14-7). 
 
 
Figure 14-7: Effective number of fasteners neff  vs. end distance a3for specimens with one row of 3 dowels 
(left) and one row of 4 dowels (right) 
In the series with two rows the effective number of fasteners was always greater than the effective 
number of fasteners calculated according to Eurocode 5 when a3 was greater than 5d (Figure 14-8). 
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Figure 14-8: Effective number of fasteners neff versus end distance a3 for specimens with two rows of 3 
(left) and two rows of 4 dowels (right) 
Increasing the end- and edge distances as well as spacing between dowels leads to more evenly 
distributed forces amongst fasteners. Once the equilibrium of forces amongst fasteners is reached the 
effective number of fasteners is equal to the actual number of fasteners. Therefore, the effective number 
of dowels in a connection can be increased by simply increasing the end and edge distances as well as the 
spacing between dowels. 
In the following, the influence of fastener spacing, end and edge distances on the embedding strength was 
investigated. During testing it was observed that specimen 75/120-2 which was constructed with two rows 
of four dowels and an end and edge distance of 120 mm (10 d) and 75 mm (6.5d) respectively, failed at a 
load which was about 2.4 times higher than predicted based on Eurocode 5, for which the embedment 
strength was calculated according to Eq. (14-12) using the actual density. 
An additional test with four bolts (two rows of two dowels), an end distance of 12d (144 mm) and a 
spacing a1 of 15d (180 mm) was carried out. A spacing of 15d was chosen since no significant influence 
between fasteners at a spacing of a1≥13d according to EC5 is expected as Eq. (14-13) applies. As a result, 
the failure load reached in the test was Ftest = 22kN per dowel and the deformation in the timber was 
around 5mm (Figure 14-9) prior to failure.  
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Figure 14-9: Plastic deformation in timber 
Based on EC5, Eq. (14-12) using a characteristic timber density of oJ = oNO) ∙ 0.7 = 479 ∙ 0.7 =
368.5r/, the estimated embedding strength is 26.59 N/mm2. Converting the experimentally obtained 
failure load per dowel into the embedding strength by dividing the load by the timber board thickness and 
the dowel diameter, the value obtained is 32.08 N/mm2. The difference between the two values is 
considerable.  
The derivation of the embedding strength is defined in EN 383 (Chapter 6, Table 1) and provision is made 
for the use of an end distance of 7d. This would indicate that current values for the embedding strength 
are only valid for an end distance of 7d. Increasing end distances and bolt spacing leads to a higher load 
carrying capacity and, consequently, to higher embedment stresses. 
Therefore, the embedment strength seems to be not only dependent on the density and the diameter of the 
fastener but also on the design of the connection. 
14.4 Conclusions 
Thirtyfive monotonic tests on single dowelled connections were carried out to answer the following 
research questions: 
1) Is it possible to avoid brittle failure mechanisms like block-shear failure when the design rules 
initially established by Johansen are considered? 
2) Is block shear failure as predominant as assumed by EC5, Annex A? 
These questions arose during the design process of the lateral load bearing walls when it was realized that 
the connection according to Eurocode 5, Annex A would fail by block shearing. Because of this, 
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conventional bolted connections would not be applicable for transferring the presented loads. Therefore, it 
was decided to verify the design approach of Annex A. In addition it was verified if simple design rules 
are applicable to avoid of brittle failure mechanisms such as block shear failure. The following conclusion 
can be drawn from the presented test results: 
1) Given that a3> 5d (EC5: 7d) and a1 ≥ 7.5d (EC5: 5d): 
 The embedding strength of the timber based on EC5 semi-empirical formulas was 
reached. 
 The effective number of fasteners was equal to the actual number of fasteners. 
2) The load reached in the tests was always higher than predicted using the Finnish proposal for 
block shear failure and according to Eurocode 5, Annex A.  
3) The load carrying capacity increased in respect to the value calculated using the EC5 formulas, 
indicating that the embedding strength may not only be dependent on the timber density, the 
fastener yield capacity and the diameter of the fastener but also on the layout of the joint, i.e. 
fastener spacing end and edge distances. 
4) The design method of Eurocode 5 - Chapter 8.2-, based on Johansen’s equations predicted the 
load carrying capacity accurately.  
Based on the above it is verified, that block shearing is not as predominant as assumed by EC5, Annex A. 
The capacity of the connection was underestimated by far which leads to the conclusion that the approach 
presented by Annex A (EC5) is too conservative.  
Furthermore, if basic design rules are applied such as increased fastener spacing and end-and edge 
distances a ductile behaviour of the timber can be achieved, as was verified by the test results. The 
expected positive influence of the fastener spacing on the ductile behaviour of the dowels was not studied, 
as the slenderness ratio was λ=3.33. In order to achieve a ductile behaviour of the fastener the slenderness 
ratio is of great importance. The timber volume and the fastener diameter should be well balanced to 
ensure plasticization of the fasteners. The following timber board thickness in relation to the dowel 
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diameter is suggested by Jorissen (1998): For the side boards: \W = 1.39?kgsgt and for the middle boards: 
\N = 1.15?kgsgt. With V] = yield strength and V = embedding strength. The presented values are 
minimum values. In most cases the middle member thickness in a timber-to-timber connection exceeds 
the thickness of the side members and tm automatically meets the thickness requirement if the side 
member thickness meets the requirements. If a steel-timber-steel connection is used, like in the presented 
case the following applies: 
( )
h
y
m fd
MM
dt 3
12 +≥  with R	 being the clamping bending moment in the 
steel dowel at the steel side plate and R] being the fastener yield capacity. 
In summary it can be stated that by increasing the fastener spacing as well as end-and edge distances and 
by considering a reasonable slenderness ratio ductile behaviour of the connection, i.e. aiming for fastener 
plasticization and attainment of the embedding capacity, can be achieved. This means that dowelled and 
bolted connections represent a feasible solution for connections subjected to high loading as they occur in 
a seismic event. However, it should be noted that the values for spacing, end- and edge distances must be 
considerably larger than the minimum values according to Eurocode 5. 
If due to space limitations, an increase of spacing and distances is not feasible, reinforcement of 
connections with self-tapping screws may be an applicable solution. The effect of reinforcement in a 
bolted connection under cyclic loads is studied in Chapter 15.2.2. 
15 Cyclic tests on glue laminated timber walls with bolted connections 
In this chapter the feasibility of bolted connections as a possible anchoring solution for lateral load 
bearing walls under seismic loads is investigated. One test on a glue laminated (glulam) timber wall with 
un-reinforced bolted connections and three tests on a glulam wall with reinforced bolted connections were 
conducted. The influence of the fastener spacing and distance to the loaded and unloaded edge on the 
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failure mechanism was focused upon. In addition the influence of the reinforcement on the cyclic 
response of the connection in comparison to the unreinforced connection was investigated. 
15.1 Material and conduction of test  
The test on the bolted reinforced connection was carried out on a wall with a height of 2.95m and a width 
of 2.00m. For the test on the unreinforced connection the same wall was used. The damaged side parts 
were cut off and the connection were reassembled at undamaged locations. The width of the new wall was 
1.40m keeping the height at 2.95m. The breadth of the wall was in all cases 0.16m. The test set-up for 
both walls is presented in Figure 15-1 and Figure 15-2. 
 
Figure 15-1: Test set-up for tests on reinforced connections 
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Figure 15-2: Test set up for test on unreinforced connections 
The dimensions of the wall were chosen in accordance with the test frame. The laboratory equipment 
requires a height of no more than 2.95m. The width of the walls was chosen small to increase the reaction 
forces on the connections. Two bolted connections anchored the walls to the laboratory floor. The lever 
arm between connections was 1.66m for the test with the reinforced connections and 1.12m for the test 
with the unreinforced connections. 
The spacing between bolts parallel to the grain a1 was chosen 10d which is greater than for the tests with 
the single connections (7.5d) as the risk of splitting was assumed to be higher because of the different 
type of loading. A spacing of 10d was also suggested by Johansen for bolted connections. The loaded end 
distance was chosen to be 7.5d (Eurocode suggests 7d for a bolt diameter of 12mm). The distance 
between bolts perpendicular to the grain a2 was 5d. 
The edge distance perpendicular to the grain a4 was chosen large to limit the risk of shear or tensile failure 
of the side parts. The edge distance a4 was 5d (EC5 suggests 3d for an angle of α=0°) for the tests with the 
unreinforced connections and 80mm for the tests with the reinforced connections. 
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The holes for the bolts in the steel plates of the U-shaped anchor were drilled in accordance with the 
mentioned distances and spacing. The same U-shaped anchors were utilized for all tests. Therefore, the 
mentioned spacing and distances were in all cases equal. 
For the unreinforced connection 6 bolts per connection were used. The bolts were positioned as shown in 
Figure 15-3. For the tests on the wall with the reinforced connections the number of bolts varied. The 
maximum load of the actuator is 250kN. To increase the load on the connections and to trigger failure, the 
number of bolts was gradually reduced. The first test was carried out with 12 bolts per hold-down (i.e. 
four rows of three bolts). For the second test the top row of bolts of each connection was taken out. For 
the last test another two bolts per hold-down were taken out (at outermost position of the second row).  
 
Figure 15-3: Test a) to c) pattern of bolted connection with reinforcement, test d) pattern of bolted 
connection without reinforcement, Left: Cross section of hold-down assembly 
The tests were carried out on the same wall to simulate the wall response under multiple earthquakes 
without repairing the connections.   
The wall was of glulam class GL24 based on manufacturer data. Prior to testing the wall was conditioned 
to the lab environment for approximately one month. The relative humidity in the lab was about 50% at a 
temperature about 20°. After the first test with 12 bolts the moisture content was measured. Since two 
additional tests were planned on the same wall samples to measure the moisture content could not be cut 
out from the wall. The moisture content was measured at 7 different positions of the wall; 5 centrally of 
the wall and 2 in the centre of each connection. The average moisture content was 11%. However, the 
moisture content measured at the connection farthest from the actuator was 12% whereas the moisture 
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content of the other connection was 10%. Due to damage on the test frame, the second and the third test 
could not be conducted until one month after the first test. After finished the last tests samples were cut 
right above the connections to measure moisture content and density. The mean density obtained at a 
moisture content of 11% (+/-0.5%) was 342 kg/m3 with a coefficient of deviation of 5.4%. However, one 
specimen which was extracted from the right connection showed a density of only 215kg/m³. 
The difference in density points to a difference in quality of the lamellas. For the manufacturing it is 
common praxis to use a mix between high quality and lower quality lamellas. However, the lamellas of 
higher quality are to be arranged on the outside of the wall or beam element which is simply due to the 
higher stresses in these areas. The analysis of the density revealed that this procedure was not followed in 
this case. In addition the very low value in density obtained for one specimen points to a defect in the 
wood. A detailed analysis of the timber in regards to the type of defect was not carried out since it was out 
of the scope of this thesis.  
The anchors consisted of two vertical steel plates of strength class St355 and of 8mm thickness. 
The bottom plate of the same strength class was of 40mm thickness. Vertical and bottom plates were 
welded together with full penetration weld. An additional plate of 8mm thickness was welded to either 
side of the anchor in 90 degrees to the vertical plates to provide additional bracing. The anchors were 
designed rigid to ensure that deformation would only occur in the bolts and the timber. 
The fasteners were of strength class 4.6 and of 12mm in diameter. The holes were of 12mm in diameter to 
create a tight fit connection and avoid any slip. The assembly for the reinforced connection with 12 bolts 
was carried out in the factory. The glulam wall element was then delivered to the laboratory with the 
bolted connections already attached to it. During the delivery the wall did not get in contact with water. 
The reinforcement for this connection was added in the laboratory. 
Four diameter 11mm, 600mm long VGS (Vollgewindeschrauben) screws were inserted perpendicular to 
the bolt axis at each connection (Figure 15-4). The screws were not inserted directly under the bolts but at 
a spacing of about 3d.  
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Figure 15-4: Left: Assembly of screws/reinforcement, Right: Reinforcing the interface between actuator 
and wall 
Only the bottom and the middle row were reinforced. No reinforcement was placed under the top row of 
bolts. The reason for this is the risk of splitting which is higher towards the loaded edge due to an increase 
in load on fasteners farthest from the load application point (Jorisson 1998, Johnsson 2004). 
In addition, the area were the load was induced to the wall was also reinforced. 8 screws on either side of 
the wall were inserted with a spacing of 4d according to EC5 for axially loaded screws. 
The unreinforced connections were assembled in the laboratory using the same wall element as for the 
reinforced connection. The positions where the connections were assembled were undamaged. 
The holes were of 12mm in diameter to achieve a tight fit connection. For cyclic testing of timber joints 
with mechanical fasteners guidelines and a loading protocol are provided the European standard 
EN12512.  
The loading protocol presented in this standard considers the strength degradation of a connection which 
occurs after being repeatedly loaded at the same deformation level (Popovski et al., 2002). Based on this 
well-established testing method detailed information on the joint behaviour e.g. joint ductility, energy 
dissipation and loss of strength under cyclic loading can be obtained. In addition, this standard was set up 
so that test results can be compared with those obtained from other laboratories. This is why the load was 
applied also for the presented tests. 
The loading protocol (Figure 15-5) was applied as displacement amplitude at the top right corner of the 
wall through an actuator. The magnitude of the displacement of the different cycles is governed by the 
yield slip. Due to the different typology, i.e. reinforced and non-reinforced and the varying number of 
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bolts the yield displacement was expected to be different for each connection. To be able to compare the 
test results it was decided to choose a constant yield displacement of 10mm. 
 
Figure 15-5: Load protocol based on EN12512 
The load of the actuator (F1) and the wall displacements (D0-D7) were monitored at different position of 
the wall as indicated in Figure 15-6.  
The test speed was 0.4mm/s. No vertical load was applied during neither of the tests. 
 
Figure 15-6: Position of measuring instruments 
The test with the reinforced connections with 12 bolts was stopped at the first loop of 60mm top 
displacement which corresponds to 2% drift. The reason for that was damage which occurred in the steel 
parts of the test frame. 
The subsequent test with 8bolts was stopped after the 3rd loop of the 40mm top wall displacement cycle 
(One cycle = three loops). This was done to limit the bending of the fasteners and therefore assure that 
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removing of the bolts would still be possible. The number of fasteners was further reduced to increase the 
load on each fastener and therefore trigger failure. The last test was then carried out with 6 bolts per 
connection. The test was run until failure occurred in the right connection (closest to the actuator). The 
top wall displacement at this stage was 50mm. The test with the unreinforced connection was conducted 
with 6 bolts per hold-down. The maximum top wall displacement of 80mm was reached. 
The tests were conducted at CNR IVALSA, San Michele All’Adige. 
15.2 Test results and observations 
15.2.1 Unreinforced connection 
A top wall displacement of 80mm corresponds to a drift of 4%. The first cracks were audible at a top wall 
displacement of 20mm (first loop of 20mm cycle). However, at a top wall displacement of 40mm (first 
loop of 40mm cycle) a strong release of energy was audible due to crack formation. During testing it 
could not be allocated whether the crack occurred at the left or the right hold-down. However, 
dismantling the connections it is assumed that at this stage row shear failure initialized at the right 
connection since less significant cracks were observed on the left connection. The actuator force at this 
stage was 60kN which is equal to 160kN in the connection. At a top wall displacement of 60mm and 
80mm the cracking was no longer audible instead the steel plates seemed to rub against the timber which 
was audible. A logical explanation for this is significant hole enlargement due to timber crushing of the 
embedding area. Once the connection is in tension the bolts are being pulled up until getting in contact 
with the timber again. This results in the bolts pulling the steel plates against the timber which results in 
the observed friction sound.  
The connection was then dismantled and the steel anchor taken off. The failure mechanisms observed in 
the wood where cracks along the row and initializing row shear on the right connection. No block shear 
was observed and the cracks were small. Significant wood crushing was visible at the underside of the 
holes. This is an indicator for embedding failure hence plastic behaviour of the wood. The hole 
enlargement was between 20 and 25mm.The bolts showed to have started forming two plastic hinges 
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which corresponds to failure mode k (EC 5, 8.2.3).  Eight of twelve bolts were deformed by more than 
5mm. Figure 15-7 shows images of the timber and the bolts after testing. Note that crack lines are 
highlighted with a black pen since the cracks occurred were of small width.  
The magnitude of deformation of the holes, the bend shape of the bolts and the low amount of cracks as 
well as the absence of brittle failure mechanisms such as row plug or plug shear failure, indicate a ductile 
behaviour of the connection which is desirable for connections under seismic loads. 
1)  2)  
     
3)  4)  
Figure 15-7: 1) Left connection, 2) Right connection, 3) typical image of hole after testing, 4) typical 
deformed shape of bolts 
15.2.2 Reinforced connections 
Due to damage on the test frame the test with 12 bolts had to be stopped at a top wall displacement of 
60mm.The actuator force was 235kN which corresponds to a force in the hold-down of 424.7kN.  
No significant cracking sound was audible. Since the anchor was not dismantled no conclusion on the 
amount of cracking could be drawn. However, the lack of cracking sound audible indicates that during the 
first test the connection remained nearly undamaged. Only a closer investigation of the hole showed a 
slight enlargement (2-3mm estimated).    
The extracted bolts were slightly bent and plasticization started at the points where the bolts bore on the 
steel plates. The second test with 8bolts per connection was then run up to a top wall displacement of 
40mm. Again no significant cracking was audible. The bolts which were withdrawn from the outer 
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columns of the second row where bent slightly more than the bolts previously extracted. The bolt head 
showed increased distortion and the bolt itself showed clearly the initiation of the development of plastic 
hinges featuring failure mode m (EC5, 8.2.3). The third test which was conducted with 6 bolts was then 
run until a top wall displacement of 50mm. No cracking was audible during the conduction of the third 
test. At a top wall displacement of 50mm the right connection failed due to shearing of the bolts. The 
shearing appeared in the threaded area at the position of the plate. The force in the actuator at failure was 
150kN which corresponds to 271kN in the connection. 
The test was conducted until a top wall displacement of 60mm was reached to trigger failure in the left 
connection. However, no failure was achieved, no cracking was audible. 
The bolts which were then withdrawn from the right connection were strongly bent, showing the 
development of 4 plastic hinges. Figure 15-8 presents the typical bent shape of the bolts after each test. 
1)  2)   3)  
Figure 15-8: 1) Bolt shape after first test, 2) Bolt shape after the second test, 3) Bolt shape after the third 
test 
After removing the anchors the hole enlargements were examined.  The holes which underwent only one 
cyclic test were similarly widened by 3-4mm. Figure 15-9 indicates the enlargement of the holes. The 
holes were two tests were carried out (second row, outer columns of each connection) were widened by 
10mm at the right connection and by 5mm at the left connection. In contrast to the holes were only one 
test was carried out the holes were two tests were conducted showed some wood crushing at the underside 
of the hole. The enlargement of the other holes were all three tests were carried out were widened by 
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30mm at the right connection and by 10mm at the left connection. Significant wood crushing occurred 
indicating a ductile behaviour of the wood.  
  
Figure 15-9: Left and right joint (in order) after removing plates and bolts after completion of the 3rd 
test 
The difference in the response of the connections may be due to the load induction on the joint through 
the test frame. The force on the left joint seems to be induced in an angle to the grain, whereas the forces 
on the right joint were acting parallel to the grain. This observation is based on the direction of the hole 
enlargement. It is also assumed that the resultant of forces which acted on the left connection was smaller 
than the tensile force acting on the right connection. The variation in density which was observed 
(Chapter 15.1) is considered to be another reason for having influenced the results. A low density leads to 
a lower embedding strength and therefore explains the increased hole enlargement on the right 
connection. Examining the bent shape of dowels more closely the positive effect of the reinforcement was 
clearly visible. The screws seem to act as a support which the bolts bear upon (Figure 15-10). Instead of a 
straight line the inner part of the bolt (between the steel plates) showed two additional “curves” which are 
located exactly over the position of the screws.  
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Figure 15-10: Cut through hold-down revealing position of screws 
The slenderness ratio of the bolts was 13.33 indicating a ductile connection. No significant cracking was 
visible around the holes or in the area of the connection. The absence of cracks, the shape of the bent bolts 
and the enlargement of the holes indicate a ductile failure mechanism. 
15.3 Analysis of test results 
The test results of the reinforced connection are analysed in a different manner than the test results of the 
unreinforced connection. This is due to the different nature of the tests. The test with the unreinforced 
connections was carried out until failure as the main objective was to study the failure mechanism and the 
influence of the increased spacing. The main objective for the tests with the reinforced connection was to 
study the behaviour under a repeated cyclic load to simulate the response of the wall in an earthquake 
event. The predicted strength and stiffness values (Fmean, kser and kult) presented in the Figure 15-11 to 
Figure 15-14 are calculated based on Eurocode 5 using the timber properties obtained during testing and 
the mean property values of the steel. Figure 15-11 presents the hysteretic response of the unreinforced 
connection. The force was obtained by calculating the equilibrium of forces around the corresponding 
(rotation) edge of the wall. The presented displacement was monitored during testing. In addition, the slip 
modulus kser, the ultimate slip modulus kult as well as the predicted mean load carrying capacity are 
presented in Figure 15-11.  
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Figure 15-11: Connection force-displacement results of the unreinforced connection 
The predicted load of the connection was 167kN. The maximum achieved load was 209kN. However the 
mean value of the peak forces of each cycle is around 170kN. Therefore the load carrying capacity 
achieved was predicted accurately by EC5. Comparing the obtained results with similar tests conducted 
by Popovski (Popovski et al. 2002) showed that the load achieved in the here presented tests was in all 
cases higher. The slenderness ratio and the material properties of the tests conducted by Popovski are 
comparable to the tests presented. But the fastener spacing was only 4d instead of 10d. This underlines 
again the positive effect of increased fastener spacing on the capacity of a connection.  
The predicted failure mechanism based on EC5 was k (two plastic hinges). But the dowels showed to 
have only started developing two plastic hinges. In addition, the embedding capacity of the timber was 
not reached. Applying the mean density of the timber obtained during testing, the embedding capacity is 
46kN per fastener, hence 276kN for the whole connection. Although the spacing between fasteners (10d) 
was larger than for the monotonic tests and although the slenderness ratio was 13.33 (3.33 for the 
monotonic tests) only a semi ductile behaviour of the connection was achieved. Whereas for the single 
connections subjected to monotonic loading the load achieved was about 20% higher than predicted, the 
predicted load carrying capacity for the unreinforced connection matched the obtained test results. This 
indicates that the type of failure a connection exhibits is not only dependent on the layout of the 
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connection but also on the type of loading applied. The response of the connection with reinforcement 
differed from the connection response without reinforcement.  
Self-tapping screws, which were used to reinforce the connection, have a similar effect on the behaviour 
of a connection as the densified veneer wood plates described in Chapter 3. Splitting of the timber is 
delayed which increases strength and stiffness of the connection and positively influences the ductile 
behaviour. If the screws are placed at a distance to the bolt, the load carrying capacity can be calculated 
assuming the effective number of bolts neff being equal to the actual number of fasteners n. In addition, an 
increase in the embedding capacity can be reached which leads to an increased load carrying capacity 
(Blaß and Schädle, 2011).  
Due to repeated tests on the same wall, the connection area was weakened gradually after every test 
instead of reaching failure. Therefore, yield, maximum and failure load as well as the corresponding 
displacement values were not attained. Also strength and stiffness parameters which require these values 
as input were not calculated. For the analysis the test results of the right connection were taken. The force 
distribution between the connections was uneven during testing. However, analysing the failure pattern of 
each connection it is assumed that the load on the right connection was acting parallel to the grain. If the 
right connection is in tension the tensile force acting on the connection can be easily calculated by 
establishing the equilibrium of forces.  
The load reached during the first test on the connections with 12bolts was 327kN. The top wall 
displacement was 60mm which is where the test was stopped. The capacity achieved at this stage was 
already 15% higher than the capacity predicted based on the mean properties. 
Also, initial and ultimate stiffness were underestimated by EC5 as can be observed from Figure 15-12.  
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Figure 15-12: Force displacement response of reinforced connection with 12bolts 
Plasticisation of the bolts had not started at this level of top wall displacement which is clearly visible 
looking at the shape of the force-displacement curve. The outline of the hysteresis loop is still linear 
indicating that the connection is still in its elastic range. Also the bolts which were extracted were almost 
straight. Since no significant cracking was observed, the positive influence of the reinforcement was 
already noticeable. 
For the second test the connection was already weakened but as can be observed from Figure 15-13 the 
stiffness predicted based on EC5 was still achieved. The predicted load carrying capacity was also 
reached. 
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Figure 15-13: Force displacement response of reinforced connection with 8bolts 
Plotting the force-displacement response of the second test, the inclination of the hysteretic force-
displacement curves still matches well the prediction of the stiffness based on EC5 (Figure 15-13).  
 
Figure 15-14: Force displacement response of reinforced connection with 6bolts 
The delayed response of the connection is due to significant hole enlargement caused by repeatedly cyclic 
loading of the connection. The so called pinching effect is very common feature for timber connections 
under reversed cyclic loading and is characterized by narrower and less inclined cycles. Pinching grows 
larger with an increase in hole enlargement since the dowel needs to travel a longer distance before 
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getting in contact with the timber again. The “pinched zone” is therefore characterized by a very low 
stiffness which is reflected by a low inclination of the second and the third loop. Only at a displacement 
of 7mm the stiffness increases (Figure 15-14). However, splitting was still avoided due to the presence of 
screws and a ductile failure was achieved.  
Table 15-1 represents a summary of the obtained results.  
Table 15-1: Summary of test results  
  Unreinforced  Reinforced 
No. of bolts per connection 6 12 8 6 
Mean density kg/m³ 342 
Max.top wall deflection [mm] 80 60 40 50 
Design capacity Fd [kN] 67 125 87 62 
Predicted capacity Fp [kN]  167 279 194 150 
Fmax,conn achieved [kN] 1) 209 327 264 263 
dmax,conn right [mm] 2), 3) 23.6 3.5 10 28 
Yield load Fy [kN] 160 
N/A  
Yield displacement dy [mm] 3 
Initial stiffness [kN/mm] 53 
Dutility D (dmax/dy) 8 
Static ductility class M (medium) 
Overstrength (Fmax/Fdesign) 3.12 
Slip modulus per connection kser,Conn [N/mm] 45618 91235 60824 45618 
Ultimate slip ku = 2/3kser 30412 60824 40549 30412 
effective number of fasteners neff, EC5 per row 2.52 2.52 1.75 1.35 
effective number of fasteners neff, EC5, achieved per row 7.53 11.78 9.50 9.47 
equivalent viscous damping ratio νeq [%] 5.5 2.5 9.5 10 
1)
 Failure Load/displacement not reached for connection with 12bolts 
2)
 Uneven load distribution between connections 
3) Ultimate rotation or displacement not reached 
 
The design capacity is calculated using a kmod of 1.0, a γM equal to 1.5 which is in accordance to NTC and 
the effective number of fasteners neff calculated based on EC5. The side plate was considered as thick 
indicating full restraint of the bolts.  
For the predicted capacities kmod and γM were set equal to 1 and the mean density values obtained during 
testing were used. In addition the effective number of fasteners was set equal to the actual number of 
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fasteners to obtain representative results. Due to the increased fasteners spacing the bolts are assumed to 
work independently from each other.  
Plotting the force at the top of the wall against the top wall displacement the area which is enclosed by the 
loops represents the dissipated energy. The larger this area is, the greater the energy which is dissipated.  
The dissipated energy was calculated manually using simple geometrical principles. The potential energy 
was derived based on EN1252 as presented in Figure 15-15. It is the area enclosed by a triangle which is 
defined by the maximum force and the maximum displacement of every half cycle.  
 
 
Figure 15-15: Available potential (hatched inclined) and dissipated (hatched straight) energy as defined 
in EN12512 
Initial deformation of the connection is mainly due to timber crushing. The area of these cycles is small; 
hence the energy dissipation is low. With an increasing wall displacement the fasteners start to plasticize 
resulting in higher amount of energy dissipation featured by larger loops.  
Also the friction between the steel plate and the timber contributes to the amount of energy dissipated. 
Additionally, during the first loop of each cycle the timber crushing progresses further. This means that 
the energy dissipated by the second and the third loop is mainly due to fastener plasticisation. In fact, the 
shape of loop two and three is very typical for that of steel under cyclic loading. 
Figure 15-16 shows the dissipated energy for each completed cycle, for the test with the reinforced 
connection.  
The dissipated energy for the 1st cycles of the test on the connection with 12bolts is highest. Due to early 
interruption of the test on the connection with 8bolts, no comparison between both dissipated energy 
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values is possible. It is expected, that the connection with 8bolts would have reached a similar level of 
energy dissipation as that of the connection with 12bolts. The relatively high level of dissipated energy 
for 12bolts is mainly due to the high number of fasteners. However, since fastener bending was limited 
when testing 12bolts but obvious for the connection with 8bolts a high level of energy dissipation seems 
likely. The test on the connection with 6bolts was carried out up to a top wall drift of 2% for the first 
cycles. Due to the reduced number of bolts and damage of the timber through preceding tests on the same 
connection, the dissipated energy is significantly lower compared to the connection with 12bolts.  
In addition, a difference in the amount of dissipated energy between 1st, 2nd and 3rd cycles at the 
corresponding drift level is notable. Reason for that the bolt deformation which is largest for the 1st 
cycles. During 2nd and 3rd cycles the bolts have already reached their maximum deformation at that drift 
level. Furthermore, hole enlargement occurring during first cycles causes slip which reduces the 
dissipative capacity of a connection. 
 
Figure 15-16: Dissipated energy per loop of reinforced connection 
Plotting the dissipated energy of the tests with 6bolts (Figure 15-17) reveals the positive effect of the 
reinforcement. Although the reinforced connection was already put twice under reversed cyclic loading 
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which resulted in significant hole enlargement, the reinforcement in this area still provided sufficient 
resistance allowing the bolts to plasticize. The screws which were added below the row of bolts, delay 
row shear and splitting along the row, hence allow for larger deformation in the bolts. This is reflected in 
the dissipated energy which is only 20% higher for the unreinforced connection at a comparable drift 
level of 1.3%. Furthermore, the loss of dissipative capacity of the unreinforced connection through timber 
cracking is clearly visible. After 2% drift cracking occurred in the connection area. The bend at the curve 
for the 1st cycles of the unreinforced connection is clearly visible. The increase in dissipated energy is 
only 15% from 2% drift to 2.6% drift, compared to 44% from 1.3 to 2% drift. 
 
Figure 15-17: Comparison between dissipated energies of connection with 6bolts 
A summary of the total dissipated energy of each of the connection is displayed in Figure 15-18. 
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Figure 15-18: Summary of dissipated energy 
Figure 15-18 summarizes visually what was previously mentioned. The total energy dissipated by the 
connection with 12bolts is highest with nearly 30000J. With decreasing number of bolts, the energy 
dissipation reduces. The total energy dissipated for reinforced connection with 6bolts is still higher than 
the total energy dissipated by the unreinforced connection with 6bolts and a comparable drift level. Figure 
15-18 shows very clearly that due to the brittle behaviour of the unreinforced connection the level of 
dissipation achieved by the reinforced connection could not be reached. The timber failed brittle and 
therefore could not provide enough resistance for the fasteners to reach the plastic state. 
The equivalent viscous damping ratio νeq was calculated based on EN12512. It is the ratio between the 
dissipated energy of a half cycle and the available potential energy (EN12512, 3.9). The equivalent 
viscous damping ratio is calculated using the following expression: uv = ./(2w ∙ .G). A high amount 
of dissipated energy is desirable for connections in structures under seismic load. It leads to reduced 
forces on load bearing elements as well as on the secondary structure. The magnitude of damped energy is 
generally dependent on the amount of yielding in the steel parts, i.e. the fasteners. Therefore, 
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representative damping occurs at higher displacement rates when deformation in the fasteners has started. 
Contributing to the damping is also the friction between timber and steel as described earlier. 
During the test on the wall with unreinforced connection strong friction was audible for the cycles at 
60mm and 80mm top wall displacement corresponding to 2 and 2.6% drift. It is assumed that friction 
added some amount of damping (Figure 15-19). Considering the low level of bolt deformation a rather 
high level of damping is achieved. At 2.6% drift the equivalent viscous damping ratio is 17.5% for the 
first cycle and at 2% drift the achieved damping is 15, 10 and about 5% for the first, second and third 
cycle respectively. Tests on nailed hold-downs subjected to a similar load protocol showed a viscous 
damping ratio ranging between 15% and 24% in shear and 3-4% in tension (Gavric et.al, 2011). 
The hold-downs were constructed with 12 annual ringed nails which failed through cap shearing. The 
high damping ratio in shear was reached through the hold-down which has a lower stiffness in shear then 
in tension. It can be concluded, that although due to their larger diameter are less ductile than annular 
ringed shank nails, the increased spacing between fasteners and the high slenderness ratio contributed 
positively to the damping behaviour of the bolted connection. In this way a viscous damping ratio 
compared to that of a nailed hold-down in shear was reached.  
 
Figure 15-19: Equivalent viscous damping ratios for each 
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The high viscous damping ratios at drift levels of below 0.5% are found not to be representative to draw 
conclusions on the overall damping capacity of the present and following tests. The influence of the test 
set up at small displacement rates (in this case 7.5mm) is very high. Any slip between the test frame and 
the wall and/or the timber and its connecting elements contributes greatly to the overall damping capacity. 
Although these factors are still present at higher drift levels, their influence decreases due to an increase 
in top wall displacement. The damping which is observed at those drift levels occurs mainly in the 
connection and is therefore representative.  
A comparison between the achieved viscous damping of each connection is presented in Figure 15-20.  
 
Figure 15-20: Summary of equivalent viscous damping ratio for the reinforced connection 
A considerable high amount of viscous damping is observed for a top wall drift of 2% for the first cycles 
of the connection with 12bolts. The force displacement results of the 12bolts (Figure 15-12) reveal a large 
loop for the first cycle which is the reason for a high damping ratio. This also applies to the connection 
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with 8bolts. Figure 15-13 shows a large enclosed area by the loop at 1.3% drift. This still results in a 
damping of 11.4%. A damping of about 9% is still significant for the connection with 6bolts.  
Here the influence of the large bolt deformation resulting in a high damping is clearly visible. 
However, the amount of damping achieved during the second test could not be reached again since the 
fasteners had weakened noticeably due to repetitive loading. 
Comparing the results with those of the unreinforced connection, the advantages of reinforcement become 
clearly visible. Due to a delay in splitting and in this case even a splitting avoidance, the fasteners reached 
the plastic state and a high amount of damping could be reached. After repeatedly loading the reinforced 
connection the difference in the achieved damping ratio between both tests is minor. At 1.3% drift a 
damping ratio of 9.2% and 13.8% for the reinforced and unreinforced connection respectively was 
achieved.  
The ductility parameters presented in the following were derived based on the test results of the 
unreinforced connection. As stated initially due to repeatedly loading of the reinforced connections, yield 
parameters and ductility values could not be obtained. A connection which is able to exhibit a ductile 
response under cyclic loading is particularly desirable for structures in seismic zones. The discussion 
about a suitable definition of ductility of timber connections is ongoing as already described in Chapter 9. 
Different approaches to classify the amount of ductility a connection can exhibit, have been developed in 
the past; e.g. the 0.5Pmax method from Karacabeyli and Ceccotti, the CEN method described in EN 
12512,  the equivalent energy elastic–plastic method (EEEP),  and the 10–40–90-Method based on 
Yasumura and Kawei (Muñoz et.al., 2008). The method which was applied to determine yield force and 
yield displacement for the conducted test was the CEN method specified in EN12512. The obtained yield 
force is 160kN at a yield displacement of 3mm. The ductility of the connection without reinforcement, 
which according to EN12512 is the relationship between the ultimate and yield displacement, is therefore 
D = dult/dyield = 8. A ductility ratio of greater than 6 indicates a highly ductile behaviour according to EC8. 
However, in order to be assigned to a ductility class H (high) a connection must be able to perform three 
fully reversed cycles at no less than six times its yield displacement without a loss of 20% of its strength 
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(EC8). This condition is not fulfilled as only 2 fully reversed cycles at a ductility ratio of 6 were 
performed. For ductility class M (medium) the connection must perform three fully reversed cycles at no 
less than four times its yield displacement without a loss of 20% of its strength. This condition is fulfilled. 
At a joint displacement of 15mm, which is more than four times the yield displacement, three fully 
reversed cycles were performed and the loss of strength was only 14%. A medium ductility class in 
accordance to Eurocode 8 is therefore applicable for the unreinforced connection with 6bolts. 
Although a high ductility (D equal to 8) was derived based on EN12512, visually examining the timber 
and the fastener after testing, analysing the hysteretic response of the connection and evaluating the 
viscous damping ratio no confirmation of a high ductility was found. In the contrary, fastener and showed 
to not have reached their ultimate capacity and the hysteretic response revealed a ductility class M. The 
ductility as presented in EN12512 is dependent upon yield and ultimate displacement. As stated before, 
referring to the yield point in order to draw conclusions on the ductility of a connection is highly 
questionable. As it was shown here, the presented approach of EN12512 was found not be applicable in 
this case. 
15.4 Conclusions 
Three tests on a glulam wall with bolted reinforced connections and one test on a glulam wall with bolted 
unreinforced connections were carried out. The tests were conducted to investigate the influence of 
increased fastener spacing and self-tapping screws on the response of a connection under cyclic loading. 
Motivation of this study was to investigate the feasibility of bolted connections as anchoring solutions for 
load bearing timber walls subjected to seismic and wind loading. 
The test results showed that: 
1) Increasing the spacing between fasteners delays splitting and increases the load carrying capacity. 
2) The positive effect of increased fastener spacing and a high slenderness ratio diminishes when a 
connection is subjected to cyclic loading. Therefore, the load carrying capacity of a connection is not 
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only dependent on material properties and the connection layout but also on the type of loading 
applied. 
3) Reinforcing the connection leads to an increase in:  
 load carrying capacity  
 initial and ultimate stiffness 
 dissipated energy and dissipative capacity  
 viscous damping  
4)   Estimating the level of ductility using the in EN12512 presented approach, i.e. x = ESFM/E]  to draw 
conclusions on the ductility of a connection, was found not be applicable in this case.  
5)  The viscous damping ratio exhibited by the tested bolted connection is comparable to that of a nailed 
hold-down to cross-lam wall connection acting in tension.  
In summary, conventional bolted connections provide a feasible solution for anchoring timber walls 
which are designed to resist lateral seismic and wind loads. However, if a bolted connection is chosen as a 
design solution irreversible damage has to be anticipated. Reinforcing the connection area with self-
tapping screws resulted in reduced splitting and increased connection ductility. A ductile connection 
response is highly desirable especially in seismic zones. Deformation in the fasteners results in energy 
dissipation which leads to a reduced load impact on structural elements. In addition, large deformations 
warn occupants prior to collapse, stresses are redistributed and a robust structural behaviour is attained. 
Therefore, it is highly recommended to use reinforcement when dowelled or bolted connections are 
chosen in timber structures which are subjected to high loading. Options to reinforce a connection are for 
example the application of self-tapping screws or punched metal plates or the gluing of high density 
timber boards to the respective area. The application of self-tapping screws is a cost-effective way to 
reinforce a connection which requires only minor additional labour effort. 
Increasing fastener spacing parallel and perpendicular to the grain proofed to have a positive influence on 
the load carrying capacity. However, the effect was less noticeable than for connections under monotonic 
loading. Only semi ductile connection behaviour for the unreinforced connection test was achieved and 
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the embedding strength was not reached. Because of this, designing bolted or dowelled timber 
connections for structures under seismic without reinforcement should be avoided. Finally, referring to 
the yield point of a timber connection with metal fasteners to draw conclusions on connection 
characteristics such as the level of ductility, proofed again to be ambiguous. 
16 Connection with damping devices  
16.1 Introduction 
Recent Earthquakes in Christchurch, New Zealand proved again that conceptual change is necessary 
when designing a structure for earthquake prone areas. More than 70% of the buildings in the central 
business district had to be demolished due to high repair cost making restoration unfeasible. Current 
design principles aim to save the lives of inhabitants by neglecting the extent of structural damage. The 
objective of new design approaches is to minimize the damage of the structure and therefore minimize the 
cost of repair.  
Very common in the design of steel and concrete structures is the use of passive base isolators. Numerical 
studies on light frame timber buildings using Friction Pendulum system devices have shown that damage 
of the structure during an earthquake can be significantly reduced. The additional costs are negligible in 
comparison to the repair cost for a non-isolated structure (Fragiacomo et. al., 2012). However, the 
application of a passive base isolating system is only possible when the design is governed by seismic 
actions and not by wind actions. Another option is the incorporation of hysteretic damping devices at 
selected positions of the building while designing the remaining connections as rigid (Pei, Dolan et. al., 
2012).  
A different approach is the rocking wall system. This system, which will be described more in detail in 
the next chapter, requires the application of damping devices. A new type viscous damper has been 
developed at the University of Canterbury, Christchurch, New Zealand. The High-Force-to-Volume 
(HF2V) is a damage free system in itself.  
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Quasi static tests on steel and concrete structures using the HF2V devices have proven that the elements 
can be used for several earthquakes without exhibiting any stiffness or strength degradation. The costs for 
the devices vary depending on their size. Recently, 96 HF2V devices were built into the new Kilmore St 
medical centre in Christchurch (Latham et al. 2013). The costs for the devices were $100.000 NZD (total) 
compared to overall costs for the structure of $40M NZD, which is 0.25% of the overall structure cost. 
Considering the cost for repair or possible demolition it is a relatively low investment.  
Since the dampers have so far been implemented in steel and concrete structures only, a study was 
conducted to investigate the feasibility and behaviour in timber structures. Laboratory tests and numerical 
analysis were carried out of which the outcome is presented in the following chapters.  
16.2 Rocking wall system  
The concept of a rocking wall system was first introduced by Ajrab (Ajrab et al., 2004) who based his 
theory on Housner’s investigation on free vibration of rocking blocks (1963).  
The idea of a rocking structure is that during a seismic event the structural elements start to rotate or to 
rock instead of providing load resistance. Consequently the load reactions are entirely taken up by the 
connections. Those structural elements, designed to rock, remain elastic. In this way structural damage is 
avoided, post-quake serviceability is secured and the cost of repair is significantly reduced. 
Because of this, rocking systems are highly potential solutions for structures in earthquake-prone areas. 
Much research has been undertaken on the damage avoidance design of structures (DAD) (Bradley et al. 
2008; Holden et al. 2003; Mander and Cheng 1997).  
The structural stability, i.e. lateral load resistance, has to be provided by additional bracing and/or a post-
tensioning force applied through straight or draped tendons (Pekcan et al. 2000). Pre-stressed tendons or 
bars as well as additional loading, assure that a self-centring system is achieved. Critical aspects to be 
addressed in the design of a rocking wall are the connections. The connections between wall and 
foundation or post-and beam have to accommodate the rotations caused by the rocking motion. 
Conventional solutions such as nailed or bolted connections would result in irreversible damage of the 
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connection. In addition, the rocking wall itself provides much less energy dissipation than a conventional 
connected load bearing wall (Cheok and Lew 1991; Priestley and Tao 1993). Therefore, the application of 
damping devices in compensation of conventional connections is essential. In this way build-up of the 
rocking motion is avoided and top story drifts, which are especially critical in timber structures, are 
limited.  
Different options to achieve a damping system are possible. One solution is the use of mild steel dampers 
which are attached externally to the rocking wall in combination with pre-stressed tendons (Marriott et al. 
2008; Smith and Ponzo et. al., 2012).  Another option is the use of flexural U-shaped steel plates 
positioned between two adjacent timber walls. Additional damping can be achieved when the U-shaped 
steel plates are used together with hysteresis or viscous damping devices and pre-stressed tendons (Iqbal 
et al., 2012).   
Major drawback of the presented options is the damage which occurs in the damping devices during a 
seismic event. All of the described elements dissipate energy through irreversible yielding in one or the 
other steel parts. This means that these elements have to be replaced after an earthquake which, due to 
their structural position, may be difficult. The HF2V dampers dissipate energy by lead extrusion; hence 
no plastic hinging occurs in the device itself. The functioning of the devices is explained in the following. 
17 High force to volume damping devices  
Figure 17-1 (left) shows an image of a HF2V damping device. The devices, depending on their damping 
capacity, can be of different size and shape. The displayed device (Figure 17-1) has a dissipative capacity 
of 125kN. A possible device location is presented in Figure 17-1, right. Mounted to the underside of a for 
example steel beam, the damper provides energy dissipation when the elements start to move against each 
other.  
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Figure 17-1: Left: Photo of 125kN damping device; Right: Possible mounting position of the device 
Through ground shaking in a seismic event, the structure and all its connecting elements are forced to 
displace and rotate against each other. The damper which is mounted to e.g. a beam-column intersection 
or between a wall and a foundation is constrained to follow this movement. Therefore, the shaft and 
consequently the bulge (Figure 17-2) undergo a push-pull motion.  
 
Figure 17-2: Cross-section of a damping device (schematically) 
Once the bulge starts to move, the lead in the cylinder starts to deform plastically. This motion creates 
huge drag forces through friction between the bulge and the lead which results in a high amount of energy 
dissipation. Due to the plastic deformation of the lead, the HF2V dampers absorb a larger amount of 
energy and are much stiffer than equivalent sized viscous dampers. Figure 17-3a) to d) shows the 
disassembling process of a damping device. The still assembled device is displayed in Figure 17-3 a) with 
the damper shaft (centre steel bar) pointing downwards. The top and bottom steel plates are needed to 
mount the device to the structure. Centrally located is the cylinder with the lead infill and the bulge 
(Figure 17-3 b)). This part of the damper provides the energy dissipation. Removing the cylinder case 
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reveals the lead infill as presented in Figure 17-3 c). At last the lead was removed from the shaft making 
visible the bulge in the centre as shown in Figure 17-3 d). 
 
a) 
 
b) 
 
c) 
 
d) 
Figure 17-3: Disassembling process of damping device 
In contrast to conventional viscous dampers, the HF2V devices have a low velocity dependency which 
means that the damping force exhibited does not vary significantly under different ground motions; this 
aspect making them applicable for earthquakes with both near and far field effects. In addition, these 
devices produce a reasonable static force which makes them appropriate also for conventional 
connections. The damping force is defined by Eq. (17-1): 
 = y ∙ u.		 (17-1) 
with y being the damping constant and u the velocity. Already built dampers had a capacity ranging 
from 80kN to 500kN. However, bigger devices with a larger capacity are possible. Reversed cyclic tests 
with drift amplitudes of up to 4% were conducted in which the dampers achieved high, repeatable and 
stable energy dissipation without being damaged. 
The HF2V dampers as well as the systems presented previously are not self-centring. This means that the 
devices do not return to their neutral position after an earthquake. Consequently a restoring force or mass 
is needed to achieve a self-centring system. Furthermore, a minimum uplift of 5mm is required to ensure 
correct functioning of the devices. Although minor shear forces can be accommodated by the damper 
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shaft, the devices work mainly in compression and tension. This means, that an additional element is 
necessary to provide lateral load resistance.  
17.1 Structural implementation  
Any slip in the connection between the damper and the wall reduces the exhibited amount of damping. 
Therefore, a rigid, non-slip connection is required which is capable of transferring the damping forces 
into the glulam wall. 
Several options were investigated. Nail plate connections were excluded as a high amount of nails would 
have been required making this option impractical.  Inducing the damping forces parallel to the grain 
through a conventional dowelled or bolted connection proved to be equally difficult. Design checks 
showed that a bolted or dowel connection would fail brittle through block shear failure according to 
Annex A, Eurocode 5.  
Glued in rods were intensely studied in the 1980s and in within the GIROD project in the late 1990s. This 
connection type was not considered as a solution due to their complexity in manufacturing. 
Self-tapping screws were found to be the most applicable solution. For example the WR-System from the 
company SFS intec allows an easy and fast off-site assembly which requires a reduced amount of 
fasteners compared to nailed or bolted solutions.  
Based on the manufacturer, the screws provide strength and stiffness also when drilled parallel to the 
grain. By inserting them from the underside of the wall a rigid and non-slip connection is achieved. The 
dampers as such are not self-centring. Using post-tensioned steel tendons in combination with damping 
elements to achieve a self-centring behaviour of the joint, is a technology which was originally developed 
for pre-cast concrete (Priestley et al 1999; Pampanin 2005) and steel structures  (Christopoulos et al. 
2002; Ricles et al. 2001; Pekcan et al. 2000) and was later extended to timber structures (Buchanon et al., 
2008). The PRESSS system was developed at the University of California in San Diego in the 1990s 
under the supervision of Nigel Priestley. Un-bonded post-tensioned tendons which are run in pre-cast 
walls or in beams (Figure 17-4) connecting concrete columns, build the foundation of this system. 
106 | P a g e  
 
 
Figure 17-4: Un-bonded tendons in a post-beam structure 
Once the structure starts to rock the tendons assure a return of the structural elements to their initial 
position.  
To accommodate the rotation the tendons need to be able to elongate without yielding. If this is achieved 
no significant damage during a seismic event occurs. Moreover, structural displacement under small 
earthquakes is reduced through additional stiffness provided by the tendons (Priestley, 1996) 
Possible solutions are steel bars or strands from Dywidag. Bars of 17.5mm or 26mm diameter provide a 
yield strength of 950 N/mm2. A three strand tendon of 15mm diameter has a yield strength of 
1570N/mm2. The tendon or bar diameter has to be selected carefully. An over dimensioned steel bar or 
tendon could prevent the structural element from rocking. Too slender elements may not be able to 
accommodate the necessary level of elongation and/or the applied pre-tress force.  
For a well-balanced relationship between damper stiffness and tendon pre-stress force the superposition 
of both force and displacement responses should resemble a flag. The result of a joint behaviour when 
only a tendon, only a damper and finally both elements are supporting the structure is schematically 
displayed in Figure 17-5. 
 
Figure 17-5: Idealized Flag Shape Hysteresis, Left: Tendon response, Center: Damper response, Right: 
Tendon and damper response superimposed 
If only a tendon is used to support a structural element, the achieved damping is limited to 1-2% of the 
critical damping (Mander et al. 1998). Figure 17-6 presents the force-displacement response of a damper 
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(grey) and a tendon (black) when both the pre-stress force and the damper stiffness are varied. Figure 
17-6 (left) shows the response of a damper of low stiffness compared to a high level of pre-stressing 
force. Only a limited amount of damping is achieved when the applied pre-stress force is too high. If on 
the other hand a damper with large stiffness is used, the self-centring effect is lost resulting in the element 
remaining distorted after a seismic event (Figure 17-6, centre). Figure 17-6 (right) presents a well-
balanced relationship between tendon pre-stress force and damper stiffness. The self-centring is 
maintained with some allowance for loss of pre-stress force.  
 
 
 
Figure 17-6: Left: Low level of damping, Centre: Loss of pre-stress effect due to high damping stiffness, 
Right: Well-balanced damper-tendon relationship 
Therefore, a key issue in rocking structures is to optimize the relationship between damper stiffness, 
tendon diameter and pre-stress force level, in order achieve a self-centring system.  
To avoid shear forces on the shaft a so called shear key is required to provide lateral resistance. The shear 
key had to be designed so that wall rotation and wall uplift are not restricted.  Connections fulfilling these 
requirements through yielding in the steel parts or crushing of the wood, like nailed or bolted connection 
were excluded. Solutions which implied the use of loose fastener sliding inside a vertical or arched slot 
were not considered. Vertical slots would have prevented the wall from rocking and would have made 
manufacturing difficult. For the arched solution the exact rotation angle of the wall needs to be known to 
cut the slot accordingly which makes this solution unfeasible. Finally angular steel profiles were found to 
be the most applicable. The vertical flange of the angle can be fabricated slightly inclined allowing the 
wall to rotate. The angles can be placed in the notches underneath the wall providing a clean finish and a 
compact design.  
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18 Laboratory tests on glulam walls with HF2V devices  
Timber, due to its anisotropy and its lightweight, behaves significantly different compared to other 
materials such as steel or concrete. Currently no information exists, experimental or analytical, on the 
interaction between the HF2V damping devices and timber elements. 
For this reason, experimental tests on a glulam timber wall using HF2V damping devices were carry out. 
One test with vertical load and one test without load were conducted at CNR IVALSA, San Michele 
All’Adige, Italy. The magnitude of damper response in relation to the horizontal wall displacement was 
studied. Furthermore, the level of pre-stress force or amount of vertical load necessary to achieve re-
centring of the wall was investigated. Finally, the behaviour of the connection between damper and wall 
was closely monitored to assess the applicability of the selected connecting solution.  
18.1 Numerical simulation of the test situation in SAP 2000 
A finite element model was implemented in the software package SAP 2000 to simulate the test situation. 
This model was used to decide for the damper size, the magnitude of the applied load or pre-stress force. 
In addition, preliminary information on the displacement of the wall and the damper displacement were 
obtained from the model. Three test cases were analysed: 1) Test wall without loading or pre-stress force, 
2) Test wall with tendon, 3) Test wall with vertical load. A screenshot of all three models is shown in 
Figure 18-1. 
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Figure 18-1: Wall model in a test case scenario without load (left), with tendon (centre), with vertical 
load (right) 
The wall was modelled as a shell. The number of elements was kept low as a high number was found to 
reduce significantly the speed for running the analysis. Since displacements and load reactions were still 
captured accurately and the stresses in the wall were not investigated, this was a justified decision. The 
shell was given the properties for glulam in accordance with EC5. The tendon was modelled using a 
tendon element in combination with a frame element. This frame element is necessary to stabilize the 
tendon element. The frame element has to be assigned material and a cross section. The cross section has 
to be chosen small, to avoid any influence from the frame on the wall or tendon behaviour. In this case the 
cross section was 0.0004mm2. Both tendon and frame were fixed to a centrally located node at the top of 
the wall and a fully restrained bottom support. The tendon properties were obtained from the supplier 
DYWIDAG and a modulus of elasticity of 158000N/mm2, a yield stress of 950N/mm and a tensile stress 
of 1050N/mm were assigned to the tendon. A three strand tendon was chosen which is the smallest 
according to the supplier. The pre-stress force which was applied from the top as it is done under real case 
conditions.  
For investigating the influence of a vertical load on the damper displacement an evenly distributed load of 
12.5kN/m and 25kN/m was applied at the top of the wall as shown in Figure 18-1. These values were 
chosen in accordance with the maximum applicable load of the laboratory frame. 
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To model the damper, a non-linear-viscous damper element in connection with a gap element was chosen. 
The elements are schematically shown below: 
 
Figure 18-2: Damper and gap element, schematically (source: SAP manual) 
The behaviour of the non-linear-viscous damper element is defined in the following way: V = r ∙ ?J = 6 ∙
?z{{lG. This definition matches the damper-force behaviour of the HF2V devices, which is why this 
element was found suitable to simulate the damper in the model. Here f is the force exhibited by the 
damper, k is the spring constant and dk is the displacement of the spring, c is the damping coefficient, dc 
is the deformation rate across the damper and cexp is the damping exponent. The following input data can 
be given to SAP: 
                     
 
Figure 18-3: Input data SAP 2000 for the definition of the damper properties 
The damper stiffness for the non-linear analysis was obtained from test results. It is the stiffness at the 
onset of lead plasticisation in the buldge. During previous test the starting point of lead plasticisation was 
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found to be around 2-3mm. The damping exponent is defined with 0.11 (Rodgers et al. 2009). To start the 
analysis the smallest possible damper with a capacity of 125kN was chosen. Based on the damper force 
and the damping exponent, the damping coefficient can be derived. For the derivation, the damper force 
equation of Eq. (17-1) is re-arranged: y = /uy . For a the test speed of 0.4mm/s which is used for 
testing, the damper coefficient results to 138 rn( WN)y. The elastic stiffness was then calculated based on a 
yield displacement of 2mm resulting in rF = 62500 n/. The properties were then implemented in 
the finite element model. 
In addition, SAP requires the definition of the linear effective stiffness, otherwise the damping element 
does not have any stiffness and no results can be obtained. Varying the value of the linear stiffness no 
influence on the results was observed. The elastic stiffness was chosen 10N/mm. 
The contact between floor and wall is represented by gap elements which were designed as infinetely 
rigid in compression; hence a high stiffness of 999000N/mm was assigned to the element. The boundary 
conditions of the laboratory, namely a maximum actuator force of 250kN and maximum top wall 
displacement of 80mm, were considered. The loading protocol suggested by EN12512 for cyclic testing 
of joints with mechanical fasteners was applied. The displacement amplitude generated from the standard, 
was applied through a node at the top right corner of the model. The time step was chosen small 0.1 
which came to the cost of increasing significantly the run time due to the nature of the applied test 
amplitude. However, more stable results were achieved using a small time step. In addition, Hilber-
Hughes Taylor time integration parameter alpha was set to -0.3 which was found to smoothen the 
hysteretic results. A non-linear time history analysis of direct integration type was carried out. The pre-
stress force was applied after the dead load such as the weight of the wall. Figure 18-4 shows screenshots 
of the model simulating the rocking motion of the wall. 
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Figure 18-4: Rocking motion of SAP model simulating the test case situation 
The following test results were obtained when the wall was not loaded with an additional vertical load or 
pre-stress force Figure 18-5. 
  
Figure 18-5: Damper displacement (left) and damper force-displacement response (right), for a test 
without vertical loading 
Figure 18-5 shows clearly the ratcheting effect indicating that no self-centring will be achieved when the 
wall is not loaded. The damper will stay displaced by approximately 10mm.  
For the simulation of the influence of a pre-stressed force through a tendon on the self-centring behaviour, 
different simulations varying the pre-stress load were conducted. In the following two results are 
presented showing the influence on the damping behaviour when a pre-stress force of 50kN and 200kN is 
applied. Figure 18-6 shows the results of the simulation with 50kN pre-stress force. 
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Figure 18-6: Damper displacement (left) and damper force-displacement response (right), for a test with 
a tendon of 50kN pre-stress force 
It can be seen, that a self-centring behaviour was achieved and the damper functioning was secured. In 
addition, the dampers seem to get slightly compressed by the tendon as negative displacement is visible in 
Figure 18-6 (left).  These numerical results show a strong influence on the self-centring behaviour of a 
pre-stress force of 50kN. Tests on a concrete beam to column subassembly were carried out with a 
damper size of 250kN (Rodgers et al., 2009). The applied pre-stress force was varied. It was found that 
the pre-stress force needs to be 400kN or 500kN in order to achieve a well-balanced relationship between 
damping and self-centring behaviour. Based on a hand calculation a pre-stress force of 250kN is 
necessary to secure self-centring and damper functioning. Figure 18-7 shows schematically the influence 
of two different pre-stress forces on the damper response based on the hand-calculation. 
 
 
Figure 18-7: Varying top wall force in relation to the damper force capacity of the devices used in the 
tests 
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Figure 18-7 (left) shows the test case situation with a pre-stress force of 50kN. According to the 
calculation, the applied force is too small to re-centre the damping devices. In Figure 18-7 (right) a pre-
stress force of 250kN is applied and self-centring and the damper functioning are secured. It is assumed, 
that the stretching of the tendon when the wall rocks, influences the modelling results. However, 
geometrical properties as well as strength and stiffness values were implemented correctly. As the option 
to use a tendon during testing was disregarded (explanations are given at a later stage) the reasons for the 
obtained numerical results were no further investigated. Also, no experimental data which proof the SAP 
model wrong are present. Figure 18-8 displays the results when a pre-stress force of 200kN was applied. 
Because of the previously obtained results it was expected, that self-centring is achieved. 
  
Figure 18-8: Damper displacement (left) and damper force-displacement response (right), for a test with 
a tendon of 200kN pre-stress force 
The following numerical results show the influence of two different vertical loads on the damping 
behaviour. The first simulation was carried out with a top wall load of 12.5kN/m. 
 
 
Figure 18-9: Damper displacement (left) and damper force-displacement response (right), for a test with 
12.5kN/m vertical load 
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The results of Figure 18-9 show that no self-centring was achieved. However, comparing the results with 
those results where no additional load was used an influence of the applied load of 12.5kN/m can be 
noted. Whereas the ultimate displacement of the dampers in the test without loading is about 10mm 
(Figure 18-5, left) the ultimate displacement of the loaded test is less than 5mm.   
Further increasing the load, the positive influence on the self-centring behaviour can be observed. Figure 
18-10 shows, that the damper remain distorted by only 3mm when a top wall load of 25kN/m is applied 
on the wall. 
 
 
Figure 18-10: Damper displacement (left) and damper force-displacement response (right), for a test 
with 25kN/m vertical load 
The magnitude of the applied load was chosen with regard of the capacity of the laboratory equipment. A 
maximum force of no larger than 25kN/m can be applied through the equipment. Therefore, further 
analyses increasing the vertical load were discarded. 
18.2 Design of the test wall with HF2V damping devices  
Based on the analysis and considering the limitations of the laboratory equipment it was decided to use 
the smallest damper size which is possible to built for the laboratory tests. Two identical damping devices 
were built at the University of Canterbury, New Zealand (Figure 18-11) and were then shipped to the 
testing laboratory of CNR IVALSA in San Michele All’Adige, Italy. The devices were previously tested 
at Canterbury University in an AveryTM universal testing machine applying a reversed, quasi-static 
loading protocol. 
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Figure 18-11: Damper used during testing 
The devices were built to accommodate a displacement of 50mm in tension (with some allowance for 
clearance) and 10mm in compression. The damping capacity achieved was about 125kN which was found 
suitable for the laboratory tests on the glulam wall. Detailed dimensions of the devices are displayed in 
Figure 18-12. 
 
Figure 18-12: Layout of damping device 
The force – displacement relationship of one device (which is representative also for the second device) is 
presented in Figure 18-13.  
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Figure 18-13: Force – Displacement response of single damper 
The numerically (Figure 18-14) established damper force-displacement hysteresis showed a good 
agreement with the tested hysteresis thus verifying the correctness of the finite element model.  
 
Figure 18-14: Superposition of test results on the single HF2V device superimposed with the numerical 
results from SAP analysis 
To achieve a clean finish all additional structural elements such as shear key, tendon and dampers were 
seek to be placed underneath or in the wall. This was to reduce labour effort during assembly and to keep 
the wall thickness small. The dampers were fit in box outs which were cut at the bottom edges of the wall. 
The shear keys (Figure 18-15) were designed to take a horizontal force of 150kN each. They are placed 
underneath the dampers fitting in the box outs. In a real case scenario the elements can be designed to fit 
the width of the wall. In the test case the angles had to be designed larger to fit to the strong floor and 
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accommodate the load measuring instruments underneath the damper. The contact area between vertical 
flange of the shear key and the timber wall was reinforced with 6 VGS screws of 600mm length and 
11mm in diameter. The screws were inserted perpendicular to the grain direction providing additional 
resistance and in this way limiting wood crushing.  
 
 
Figure 18-15: Damper assembly with shear key dimensions 
The uplift of the wall at the damper position is 40mm based on FEM model. Because of this the vertical 
flange of the shear key is inclined by 5° to allow rotation of the wall. In case no self-centring is achieved 
during testing the length of the vertical flange of the angle had to be chosen large enough to provide 
lateral resistance even if the wall displaces vertically more than 40mm due to damper ratcheting. The 
angle dimensions are presented in Figure 18-15.  
The connection between damper and wall is designed for 250kN. 8 VGS self-tapping screws with a 
diameter of 11mm and 600mm length are necessary to take the tensile forces. The screws are inserted in 
an angle of 20 degrees (Figure 18-16). For an accurate assembly the holes were pre-drilled by 100mm. 
HF2V Damper 
U-section 
Shear key 
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Figure 18-16: Connection with self-tapping screws 
To limit the risk of shearing, flat washers were placed under the screw heads to guarantee an even load 
induction in the screws. The screws connect a U-shaped steel profile to the timber wall.  
This profile is the linking element between damper and wall. It contains a hole of 25mm diameter located 
centrally in side flanges of the U-section. The damper is positioned inside the U-section and connected to 
it with one bolt of 24mm in diameter. In this way a pinned connection between damper and wall is 
achieved which prevents additional stresses acting on the damper when the wall arches. The damper is 
assembled with the shaft pointing downwards and is connected to the shear key via an intermediate 
cylindrical steel section. The cylindrical hollow section is then threaded to the damper shaft and into a 
hole in the shear key which has to be in line with the damper axis.  
In the test case scenario a load cell was placed on top of the horizontal flange of the shear key. Instead of 
being connected to the shear key, the damper in this case is connected to the load cell through the 
cylindrical steel profile (Figure 18-17).  
Indication  
of screw position 
inside the wall 
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Figure 18-17: Load cell position on shear key bottom flange 
The load cells are connected with 6 M10 bolts to the shear key. A steel plate, positioned between the 
bottom flange of the shear key and the load cell, guarantees an even bearing of the latter. The shear keys 
are then connected to the foundation or like in the test case to the strong floor. Eight M20 bolts per shear 
key were used for the connection to the laboratory floor.  
To achieve re-centring of the wall a pre-stressed tendon or an additional mass is needed. The finite 
element analysis showed that the bottom uplift at the wall center is 20mm. A three-strand tendon from 
Dywidag with a cross section of 450mm2 and yield strength of fy = 1570 N/mm2 provides the required 
strength and accommodates an elongation of 20mm without yielding.  The tendon can be placed in a 
cavity inside the wall.  
However, to secure in plane wall rigidity the glued area between lamellas has to be sufficiently large. The 
cavity inside the wall should not exceed a dimension of 40mm by 40mm. The selected tendon fulfils this 
requirement. A steel plate at the top end of the wall together with washers provide axial load resistance 
and enlarges the area of compression forces on the wall parallel to the grain. Figure 18-18 shows a 
possible test set-up with a pre-stressed tendon/cable. As shown in Figure 18-18 a squared hollow section 
is needed to connect the tendon to the laboratory floor.  
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Figure 18-18: Possible test set-up with pre-stressed tendon 
In addition the space between the top of the wall and the test frame is limited. Both bottom connection 
and top space limitation result in a reduced tendon length. No tendon profile was found capable to 
accommodate the required wall uplift without yielding. Due to the complexity of the test set-up the option 
to reach self-centring through an additional applied load was favoured. Although the SAP analysis 
showed that the dampers would remain displaced by 3mm (Figure 18-10) this was accepted as no 
significant influence on the damper behaviour was expected. The test set-up of the wall including 
damping devices, shear keys and connecting elements is displayed in Figure 18-19. 
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Figure 18-19: Test set up – Glulam wall with damping elements 
18.3 Material and conduct of tests 
The wall dimensions of the tests with the dampers were the same as for the tests with the conventional 
connection. The wall was of 2.95m height, 2.00m width and of 160mm breadth. The leaver-arm between 
dampers was 1.70m. The wall was made of glulam class GL24. The timber was kept at 20°C at a moisture 
content of 50% in the laboratory. The moisture content of the wall was measured after testing, at 7 
different positions; five centrally of the wall and 2 in the centre of each connection. The mean moisture 
content obtained was 11%. (+/-0.5%). The mean density obtained from 4 samples, which were extracted 
from the connection area, was 360 kg/m3 with a coefficient of deviation of 5%. 
The test set-up including the wall is presented in Figure 18-20. 
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Figure 18-20: Schematized test set-up of wall with HF2V devices, dimension in mm 
The displacement was induced at the top right corner of the wall through an actuator. The contact areas 
between actuator and timber wall were reinforced using 8 VGS-screws of 600mm length and 11mm in 
diameter. The screws are necessary to limit the timber crushing perpendicular to the grain to reduce 
uncontrolled displacement take up. To investigate the influence of an additional load on the self-centring 
of the dampers, a vertical load of 25kN/m was applied at the top of the wall. The load was applied evenly 
at three positions at the top of the wall (highlighted blue). The EN12512 loading protocol was applied. 
The maximum displacement was 60mm and the test speed was 0.4mm/s. The displacement was measured 
at the seven positions indicated in Figure 18-21. 
 
Figure 18-21: Position of displacement transducers (DM) and load (LC)  
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Two load cells with a capacity of 25t each were placed under the dampers monitoring the damper 
response. In addition, the applied load at the top of the wall is measured in the actuator itself. 
18.4 Test results and analysis 
18.4.1 Test without vertical loading 
The test without vertical loading was stopped at a top wall displacement of 60mm which corresponds to a 
drift level of 2%. Up to a top wall displacement of 40mm the dampers returned to their initial position. 
During the first loop of the 60mm cycle the dampers started to ratchet. After the third loop of the 60mm 
cycle the shaft of both dampers was pulled out by 50mm. The arching motion of the wall was feared to 
induce bending stresses into the load cells as the shaft would start bending. Since the cells were designed 
to work in tension and compression only, it was decided to stop the test at this stage to avoid damaging 
the load cells. The force in the actuator was 80kN when the test was stopped.   
In Figure 18-22 (left) the force-displacement response of the damper is presented. Figure 18-22 shows the 
damper force-displacement response if a load or a force would have been applied large enough to force 
the damper back to its initial position.  
 
 
Figure 18-22: Experimental results of damper force-displacement response (no vertical loading) 
The dampers exhibited a capacity of 150kN per device in tension and 131kN per device in compression. 
During the test on the single devices a damping force of about 130kN was reached. The slightly higher 
results of the “in-service” tests are due to the variation in test speed. Whereas the test speed of the single 
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tests was 0.15mm/s, the test velocity of the wall tests was 0.4mm/s. Due to the velocity dependency of the 
damper a higher damping capacity is reached when the devices are subjected to an increased speed. 
Comparing the device response of the single test (Figure 18-13) with the response of the damper obtained 
during testing (Figure 18-22), pinching can be observed. The single device tests are conducted under ideal 
boundary conditions as no additional structural elements influence the damper response. Parameters such 
as the slip in the pin-connection between damper and U-section, the vertical slip between U-section and 
timber, slip in the connection between the damper and the shear key and the shear key to the strong floor 
take-up stiffness which results in the observed pinching. However, pinching is an expected phenomenon 
for the “in-service” damper performance. The observed pinching is negligible as it did not measurably 
influence the overall results. In addition the observed damper response of the tests conducted on the wall, 
matches the damper performance in a concrete beam and column assembly, as reported in Rodgers et.al 
(2008). The fact that the design damper force capacity and stroke was reached indicates that the devices 
worked as intended and that their application was successful.  
Figure 18-23 shows the top wall displacement in comparison to the top wall force. An elastic stiffness of 
150000N/8mm = 18750N/mm can be obtained for the damper connection (Figure 18-22) whereas the 
elastic stiffness of the overall wall-system (Figure 18-23) is 60000N/20mm = 3000N/mm. These are 
approximated values; however a reduction in stiffness of more than 80% is significant.  
 
Figure 18-23: Experimental results of top wall force vs. top wall displacement 
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Figure 18-25 shows a comparison between the vertical damper displacement, the possible vertical damper 
displacement and the top wall displacement. The possible vertical damper displacement was calculated 
through the aspect ratio of the wall considering the lever arm from the damper to the rocking edge of the 
wall and assuming ridged body motion.  
 
Figure 18-24: Comparison of damper and wall displacement unloaded test; Grey: Top wall 
displacement, Dashed: Vertical damper displacement, Black: Max. possible damper displacement 
For small top wall displacements of less than 1.3% an out of phase damper motion is observed. The delay 
in damper response is mainly due to the overall flexibility in within the test set-up as the following 
analysis demonstrates. The flexibility of the test set-up is amongst other comprised of the following 
components: the compression at the interface between the timber and the load bearing element, the slip at 
the bottom of the wall and the flexibility of the laboratory equipment and test frame. Especially at small 
drifts these components significantly influence the overall wall displacement. In the following the 
displacement contribution of the bending and shear component, the horizontal bottom wall slip and the 
rocking component to the overall wall displacement was calculated. The results are shown in Table 18-1. 
 
 
-80
-60
-40
-20
0
20
40
60
80
0 200 400 600 800
D
isp
la
ce
m
en
t [
m
m
]
Time [s]
 127 | P a g e  
 
Table 18-1: Distribution of displacement through the different contributing components 
Total top wall 
displacement 
[mm] 
Horizontal bottom 
wall slip [mm] 
Damper 
connection 
displacement 
[mm] 
Rocking 
displacement at the 
top of the wall 
[mm] 
Displacement due 
to bending and 
shear [mm] 
60 6.20 54.70 82.05 -28.25 
Whereas the displacement through slip and the displacement at the damper connection were obtained 
from the test results, the top wall displacement due to rocking was calculated by the aspect ratio of the 
wall, i.e. multiplying the value by h/b with h being the height and b the width of the wall. The bending 
and shear component was then obtained by subtracting the slip and the rocking component from the top 
wall displacement. Table 18-1 displays the maximum values. Based on the calculated results it seems as if 
the rocking component is largest for the unloaded test. However, observing the graph in Figure 18-25 it 
becomes clear, that this value does not represent the displacement of the different components 
appropriately. The below presented figure shows a comparison between the displacement contribution of 
each component throughout the test. 
 
Figure 18-25: Comparison between displacement contributions of each contributing component 
throughout the test 
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The negative value of -28.25mm for bending and shear is due to the ratcheting effect as it can be seen in 
Figure 18-25. The dampers remain distorted by 54mm. Calculating the rocking component based on this 
value results in a high number of 82mm which cause the result for bending and shear being negative by -
28.25mm. Observing the displayed graph more closely and considering only the representative values up 
to the point were self centring was still achieved, it becomes clear that the bending and shear component 
are major contributors on the overall wall displacement. This observation seems logical. Although 
horizontal slip was observed, the shear keys restrain the wall on the bottom so that displacement is caused 
either through damper movement or through the bending and shear displacement of the wall.  
The top wall displacement due to bending is defined as: 
?A = M*G, ∙ ℎ3.}  (18-1) 
and through shear: 
?( = 6M*G,ℎ5#I  (18-2) 
where M*G, = top force at time step i, # = shear modulus of glulam, . = MOE of glulam, } = second 
moment of area of the cross section of the wall, ℎ= height of wall, I= cross sectional area of the  wall. 
The elastic modulus of GL24 is 11600N/mm2 and the shear modulus is 720N/mm2. Re-arranging the 
above equations after M*G, result to 137.5kN and 64kN which are needed to displace the wall by 1mm 
through bending and shear, respectively. The maximum top wall force applied was around 80kN. Based 
on the results the top wall displacement through shear would be 1.25mm and through bending 0mm. 
These values do not match with the obtained test results. Up until the point where the loading and 
unloading cycle of 20mm was finished, the calculated displacement through bending and shear was the 
governing contributor to the overall top wall displacement. From 40mm onwards the bending and shear 
component becomes smaller as the rocking component, that is the damper displacement, increases. 
During the first loop of the 60mm loading/unloading cycles were ratcheting was still minor, the 
mathematical prediction seems to match the test results, i.e. the rocking component governs the top wall 
displacement. However, it must be noted that the bending/shear component includes the displacement 
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take-up within the test frame as well as slip in the connections between load inducing elements and wall, 
and timber compression between actuator and wall. These additional parameters may significantly 
influence the test results especially at small drift amplitudes such as 20mm and 40mm and therefore 
resulting in the bending and shear component being the governing influence on the top wall displacement. 
Further tests are needed to gain more detailed information on the magnitude and type of these components 
on the overall displacement results. Also, the influence and importance on the damper performance 
should be further studied through additional tests.  
Furthermore, no cracking of timber was visible or audible. The vertical slip between the damper-wall 
connections was 3mm (Figure 18-26). This is negligible as a displacement of 3mm does not significantly 
delay or influence the damper response.  
 
Figure 18-26: Vertical slip in damper-wall connection 
Although the interface between shear key and timber wall was reinforced the timber was compressed by 
6mm (Figure 18-27).  
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Figure 18-27: Horizontal slip at the bottom of the wall 
The compression of the timber caused the wall to slip which resulted in horizontal forces acting on the 
damper shaft. Although the shaft can absorb a limited amount of horizontal forces, to ensure a proper 
damper functioning bending of the shaft must be avoided.  
Timber is especially weak in compression perpendicular to the grain. The compression strength of GL24 
is f90,k = 2.7N/mm² in contrast to a compression strength of f0,k = 24N/mm² parallel to the grain. Although 
no damage of the timber at the shear key-timber wall interface was observed, reinforcement in form of 
e.g. plywood or densified veneer wood sheets should be added to the related area to reduce compression 
perpendicular to the grain. 
The dissipated energy of the damper is the area enclosed by each loop or cycle. The area of each cycle is 
calculated manually using simple geometrical rules. The difference in displacement and force were kept 
small to capture the covered area below the cycles accurately. The amount of energy dissipated at each 
full cycle, at the corresponding drift level is shown in Figure 18-28. Presented are the results of those 
cycles were self-centring was achieved. In contrast to the bolted connection were a notable difference 
between the dissipated energy of 1st, 2nd and 3rd cycles was observed, the energy values of the cycles of 
the damper connection at each drift level are almost constant. For 1% drift the dissipated energy per 
cycles is 2000 J and for 2% drift the dissipated energy for both the 1st and the 2nd cycle is 8821 J. Reason 
for the difference in results is the nature of energy dissipation of the connection types. In the bolted 
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connection the energy is dissipated through irreversible yielding of both timber and bolts, resulting in a 
reduction of dissipated energy for the 2nd and 3rd cycles. This phenomenon is avoided when using 
dampers as the energy dissipation occurs in the bulge of the damper, hence no damage occurs which 
would negatively influence the damping capacity. To underline the difference, the results of the 
connection with 8bolts are added to the graph of Figure 18-28.   
 
Figure 18-28: Dissipated energy per cycle 
The dissipated energy is highest at a drift level of 2% due to an increase in vertical damper displacement, 
hence drag forces in the bulge. An increase of 45% between the dissipated energy at 1.5% drift to 2% is 
noted.  
The total dissipated energy is presented in Figure 18-29. A total amount of 31500 J was dissipated. The 
results of the bolted connections were added for comparison purposes. The dissipated energy for the 
connection with 6 bolts both reinforced and unreinforced is expectedly lower than for the damper 
connection. However, for the bolted connection with 8bolts, the energy values are already similar and for 
the bolted connection with 12bolts the results are even higher than for the damper connection. Reason for 
this is the ductile behaviour of metal fastener connections in timber, which can be achieved when basic 
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design principles such as fastener spacing and slenderness ratio are considered. These rules were 
considered in this study as described in Chapter 14.4. The result is the achievement of a highly dissipative 
connection. However, drawback of fastener connections in comparison to the damper connection is the 
damage which occurs in both timber and bolts. A damaged connection will not provide any energy 
dissipation. Therefore, it is expected that the amount of dissipated energy would have reduced if the test 
would have continued further, whereas the opposite would have been the case for the damper connection.  
 
Figure 18-29: Total dissipated energy of bolted and damped connection 
 
The potential energy was then calculated as described in EN12512. Based on the derived dissipated and 
potential energy values, the equivalent viscous damping ratio νeq was calculated using uv = ./(2w ∙
.G) based on (EN12512, Chapter 3.9). 
The equivalent viscous damping ratios per drift level are displayed in Figure 18-30. The viscous damping, 
the devices can exhibit, is dependent on the shaft displacement. With an increase in top wall drift, the 
shaft displacement increases, hence the level of damping. Whereas an average viscous damping ratio of 
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17.5 was noted for a drift level of 1.25%, an average viscous damping ratio of 24 and 35 at 1.5% drift and 
2% drift respectively, is observed. The maximum viscous damping ratio reached was 39 for the 2nd cycle 
at 2% drift. The difference in damping between cycle one and two are thought to be caused by the 
ratcheting effect. With an increase in top wall displacement, the dampers started to remain displaced after 
each cycle. Although the area below the loops is still equal resulting in a similar dissipated energy values 
(Figure 18-28), the displacement which is needed to calculate the potential energy increases. This may 
cause the observed variation in results.  
 
Figure 18-30: Equivalent viscous damping ratio 
Viscous damping ratios of 30, 25 and 15 at drift levels below 0.75% are noted. Initial results are assumed 
to be influenced by the displacement take-ups of the overall test set up, as noted previously. The 
described may results in high force-displacement ratios which numerically result in high damping ratios. 
However, these results are not truly representing the actual damping capacity. With an increase in drift, 
the measured data stabilizes and reliable results can be obtained as shown in Figure 18-30. 
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18.4.2 Tests with vertical load of 25kN/m 
The same wall element was used for the test with a vertical load of 25kN/m. As initially stated, based on 
the previous SAP analysis and the experimental results on the concrete beam to column joint, no 
significant influence from the applied load on the self-centring behaviour was expected due to the low 
level of vertical load compared to the damper capacity.  However, since the devices are tested for the first 
time in a timber element it was decided to carry out the test with a load applied.  
The dampers which remained distorted after the first test had to be re-centered using an InstronTM press.  
The test was carried out up to a top wall displacement of 40mm which corresponds to 1.3% drift. The test 
had to be stopped due to vertical displacement limitations of the laboratory equipment which limit the 
rocking when the test is loaded. The force in the actuator was 155kN when the test was stopped.  The 
damper force-displacement obtained is displayed in Figure 18-31. 
 
Figure 18-31: Damper force-displacement response (25kN/m vertical loading) 
Compared to the damper response without vertical loading, it can be seen that the load monitored in 
compression is slightly higher than in tension. The maximum load in compression was 161kN and the 
maximum load in tension 137kN. Although the previous test and the hand calculation predicted no 
influence of the applied load on the damper behavior, the test results disapprove this assumption. It is 
assumed, that the high negative force is caused by the applied vertical load which needs to be exceeded 
before the dampers start to act in tension. In addition, a higher negative damper displacement as for the 
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test without loading is observed. The maximum negative displacement for the unloaded test was 5mm, in 
contrast the here observed negative displacement is more than -10mm. This observation points again to an 
influence of the top wall force on the damper displacement. 
The force-displacement graph shows, that self-centring was achieved. This observation was confirmed 
also visually. However, the influence of the load on the self-centring behavior cannot be investigated as 
the tests were stopped at a top wall drift of 1.3% for which self-centring was also observed for the 
unloaded test. 
Figure 18-32 shows the plot of the top wall displacement and the top wall force. The area enclosed in the 
loops is small due to an early interruption of the test at a drift of 1.3%. No significant damping was 
achieved.  
 
Figure 18-32: Top wall force compared to top wall displacement for loaded test 
The displacement of each of the contributing components was calculated and is displayed in Table 18-2 
below: 
Table 18-2: Top wall displacement contribution based on slip, shear and bending and rocking of the wall 
Total top wall 
displacement 
[mm] 
Horizontal bottom 
wall slip [mm] 
Damper 
connection 
displacement 
[mm] 
Rocking 
displacement at the 
top of the wall 
[mm] 
Displacement due 
to bending and 
shear [mm] 
40 5.65 3.64 5.64 28.89 
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The displacement components were calculated in the same way as for the unloaded test. To investigate 
the development of the top wall displacement of the shear and bending, slip and rocking component 
throughout the test, the graph in Figure 18-33 shows a comparison of the results. 
 
 
Figure 18-33: Comparison between the top wall displacement contributions of the different components 
The graph shows, that the displacement due to the bending and shear component is largest throughout the 
test. Due to the interruption of this test at an early stage, this is not surprising as a minimum vertical uplift 
of the wall of 5mm is required to achieve a damper reaction. Up to 1.3% drift, nearly the entire 
displacement is due to the wall bending and shear component which includes the additional number of 
components as described previously. Due to the lack of data, no evidence on either the type of component 
causing the displacement or the magnitude of the influence can be provided. Although the applied load of 
25kN/m is considered small comparing the top wall displacement to the damper displacement, the effect 
of the vertical load becomes obvious as shown in Figure 18-34. Figure 18-34 plots the top wall 
displacement compared to the vertical damper displacement indicating also the possible maximum 
damper displacement when the wall is assumed as a rigid body and all connecting elements would be 
infinitely stiff. 
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Figure 18-34: Comparison of damper and wall displacement; Grey: Top wall displacement loaded 
test, Dashed: Vertical damper displacement, Black: Max. possible damper displacement   
For a top wall displacement of 40mm, the vertical damper reaction is about 4mm. For the same top wall 
displacement for the unloaded test, a damper displacement of about 12mm was noted (Figure 18-33).  
This displacement was obtained when self-centring was still achieved. Reason for this is clearly the 
additional vertical load assumed to be the additional vertical load which further delays the damper 
reaction. As pointed out in Chapter 17.1, it is important to balance damper stiffness and pre-stress 
force/building mass such that a self-centring system is achieved but the damper functioning is not 
restricted.  
Significant bottom slip was observed also during the tests with vertical loading. Although no timber 
compression was noted at the actuator-wall interface, the area between shear key and timber was 
compressed by about 6mm (Figure 18-35). As previously mentioned when a high compression forces are 
transferred perpendicular to the grain through a small area additional reinforcement is recommended. 
Possible solutions are presented in Chapter 18.4. 
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Figure 18-35: Horizontal slip at the bottom of the wall  
The vertical slip in the damper-wall connection was 3mm. No significant influence on the damper 
functioning is expected at this level of vertical displacement. The connection with self-tapping screws has 
proven to be an advantageous design solution for the presented problem. 
 
Figure 18-36: Vertical slip between the damper-wall connection  
The dissipated energy of each full cycle of the loaded test is presented in Figure 18-37. The test was 
stopped at 40mm top wall displacement which corresponds to 1.3% horizontal drift. The dissipated 
energy at this point of each cycle is 3500 J. For comparison purposes the results of the unloaded test were 
added to (Figure 18-38).  It can be noted, that the dissipated energy for both tests is equal at 1.3% drift. 
Observing the size of the loops this seems logical as they are very similar in size. 
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In general the trend of the results of the loaded test follows that of the unloaded. However, at such low 
drift levels the influence of the slip of the wall, the connection and the test frame is huge as observed in 
Chapter 18.4.1. Therefore, it is not possible to generalize the test results. Further tests are needed to 
confirm the observation.  
 
Figure 18-37: Dissipated energy per drift level 
 
Figure 18-38: Comparison of dissipated energy between loaded and unloaded test 
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Due to interrupting the test at an early stage, no conclusion on the maximum dissipated energy at higher 
drift levels can be drawn. At the time when the test was stopped, the dissipated energy was 14400 J 
(Figure 18-39) which again corresponds to the energy dissipated for the test without loading. 
 
Figure 18-39: Total dissipated energy; dashed: loaded, straight: unloaded 
As for the loaded test, the potential energy and the equivalent viscous damping ratio νeq was calculated 
based on EN12512. 
The equivalent viscous damping ratio at every horizontal drift level is displayed in Figure 18-40. 
For comparison the results of the unloaded test were added to the graph. The viscous damping ratio for 
the loaded test ranges between 45 and 20 for low drift levels (<1%), which is twice as much as for the 
unloaded test. These differences are not representative for the actual achieved damping. The displacement 
take-up of the laboratory equipment and the overall connecting elements significantly influences the test 
results especially at small drift. With an increase in drift, no significant change is noted. The viscous 
damping ratio remains nearly constant at around 20. Due to the early interruption of the test at 1.3% drift 
no comparison between test results at higher drift levels can be made.  
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Figure 18-40: Equivalent viscous damping ratio; comparison between loaded and unloaded test 
18.5 Analytical model of HF2V device response in a rocking timber wall  
During modelling the test case in SAP a number of input limitations were discovered. As stated 
previously, the program allows to describe the damper physics by only three parameters, i.e. the damper 
coefficient, the stiffness and the velocity exponent. The damper shaft stiffness which is the elastic 
stiffness k in SAP, was found not to influence the results. However, this stiffness needs to be added to 
model the damper response correctly. In addition, the stiffness of the damper shaft and the tie-rod which 
connects the damper with the load cell; the stiffness of the connection between U-shaped profile and 
timber wall and the stiffness of the connection between the damper and the U-section are contributing 
parameters which can influence the damper response and need to be added to model the results correctly. 
In order to capture these parameters in SAP, multiple springs in a row would be necessary making the 
modelling complex and the results unstable.   
A superposition of the experimental results of the damper response and the SAP 2000 results is presented 
below Figure 18-41: 
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Figure 18-41: Superposition damper response experimental (black) with damper response numerical-
SAP (grey) 
The SAP results capture maximum force and maximum displacement correctly. However, the pinching 
effect is not captured as additional flexibility of the connection is not accounted for. For a more accurate 
modelling of the damper performance in a glulam wall and to reproduce the test results numerically 
additional parameters need to be added to the model. These parameters cannot be added to SAP as the 
program limits the amount of data through user input.  
An analytical model was established and implemented in Matlab. The results which were gained during 
testing are implemented in a numerical model. The presented model was set-up so that the top wall force 
can be calculated, a feature which SAP does not allow. The wall is modelled in SAP as a cantilever. As 
such a top force cannot be obtained.  
Different models have been developed to predict the motion of a wall or block subjected to lateral forces. 
The approach to predict the wall rotation presented by Mulligan (2007) is based on the approach proposed 
by Housner (1963). The wall rotation is calculated by building the equilibrium of stabilizing and 
overturning forces and masses around the rocking edge. This theory assumes a rigid wall or block. The 
same applies to the method presented by Ma (2010). Other approaches have been developed by Gavric 
(2011) and Newcombe (2011). Both studies are using timber as wall material which is why the wall 
flexibility through bending and shear is included in the calculation. In addition, the slip at the bottom of 
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the wall is considered in Gavric’s approach. Both methods account for the flexibility of connecting 
elements. Whereas Newcombe considers the connection stiffness as one fixed value, the stiffness varies 
based on the top wall displacement in Gavric’s approach. Test results build the foundation of Gavric’s 
approach. The connection stiffness at the required displacement rate is calculated based on the force-
displacement response of the connection which was obtained during testing. The calculated stiffness value 
is then inserted into the mathematical model. This means that test results are needed as input data, to 
obtain the connection stiffness.  
The herein presented analytical derivation includes the flexibility properties of a timber wall under 
horizontal loading as well as the stiffness of the connecting elements and the damper properties. A 
previous model which predicts the top horizontal force for a concrete column-beam assembly, with HF2V 
devices at the intersection, was developed by Rodgers (2009). This model was adapted to the tested 
timber wall.  
The total top wall displacement of the wall due to an applied top wall force is comprised of the following 
components as displayed in Figure 18-42, that is: dB=bending, dSh=shear, dR=rocking and dSl=slip 
displacement. 
 
Figure 18-42: Wall reactions due to an applied top force 
The rocking motion of the wall which is caused by the vertical displacement of the damper and its 
connecting elements as well as the bending of the wall are describing a rotational movement at the top of 
the wall. This rotation can be expressed by the angle ~. 
To be consistent also the shear deformation and the slip are described as rotational movements around one 
of the rocking edges of the wall.  
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By dividing the top wall displacement due to bending ad shear, with the height, tangents ~ can be 
obtained. For drift levels of up 4% top wall drift, the error between the tangents of an angle and the angle 
is 0.022%. An error of 0.022% was found insignificant. Therefore, tangents ~ was set equal to ~. This 
way, the overall top wall force is described as a dependent of the overall wall rotation around one of the 
rocking edges. 
Figure 18-42 displays each of these reactions which are implemented in Eq. (18-3). 
~W]W = ~A + ~( + ~X + ~(F (18-3) 
                                                  
Where ~W]W is the overall rotation of the wall which is comprised of: ~A= bending deformation of the 
wall, ~(= shear distortion of the wall, ~X = rocking due to connection displacement, ~(F = horizontal slip 
at the bottom of the wall. The top wall rotation due to bending is defined: 
~A = ?Aℎ = M*G, ∙ ℎ3.} ∙ ℎ  (18-4) 
and shear: 
~W = ?Wℎ = 6M*G,ℎ5#I ∙ ℎ  (18-5) 
where M*G,= top force at time step i, #= shear modulus of glulam, .= MOE of glulam, }= second 
moment of area of the cross section of the wall, ℎ= height of wall, I= cross sectional area of the wall.  
For a timber wall with HF2V devices, the horizontal slip at the bottom of the wall should be prevented by 
for example shear keys and is therefore zero. However, to simulate the test results the influence of the 
horizontal slip of the wall was taken into account. The flexibility added to the overall system due to slip 
was calculated in Chapter 18.6. All geometrical values used in the following are displayed in Figure 
18-43.  
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Figure 18-43: Schematized layout of Glulam wall 
The rotation of the wall due to connection displacement is: 
~X = ?Xℎ = Y ∙ ℎ ∙ ℎ = Y (18-6) 
with = leaver arm from damper to rotation edge and Y= vertical displacement of the damper. 
The damper-spring system is represented in Figure 18-44. The total known input displacement is equal to 
the displacement in the bulge y and the displacement of shaft x:  =  + Y. 
 
Figure 18-44: Schematization of damping physics 
The damper force is calculated with  = y ∙ uy which is based on Rodgers (2011). With α being a 
velocity coefficient and y being a damping constant derived based on test results. Test results from 
former single damper tests can be used to calculate y since the device physics do not vary. In this case, 
the results from the single devices were used. y is calculated by re-arranging the above equation. The 
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exhibited damper force was 125kN with a test speed of 0.15mm/s and 154kN mm/s. For the velocity 
coefficient α = 0.11 was used, which was recommended by Rodgers. 
Due to the basic static rule of the equilibrium of forces, the force in the bulge and the spring are equal to 
the input force Eq. (18-7) which is based on the Pekcan et al (1999) model for non-linear viscous 
dampers. 
 = Y ∙  = yz y (18-7) 
K is the shaft stiffness, and z  the first derivative of the displacement in the bulge, hence the velocity of 
the damper. At small initial displacement the damper response is linear. This means that the damper force 
at initial steps is a function of the shaft stiffness and the shaft displacement:  = Y ∙ . The spring 
stiffness K is a dependent of the axial flexibility of the connection: K=1/V with V being the flexibility 
comprised of the flexibility of the damper components, the flexibility of the connection of the damper to 
the wall and to the foundation. Inserting the damper force and the spring stiffness into the wall rotation 
term of results in:  
~X =  ∙ V  (18-8) 
To obtain  writing the moment equilibrium about one of the rotating edges of the wall provides the 
solution: 
M*G, ∙ ℎ ≥ #+ ∙ 32 + [ ∙ 3 ∙ 32 +  ∙  (18-9) 
with #+= mass of the wall, ℎ= height of the wall, 3= width of wall as shown in Figure 18-43,  [= 
vertical force. 
Re-arranging Eq. (18-9) after : 
 = M*G, ∙ ℎ − #+ ∙ 32 − [ ∙ 3 ∙ 32  (18-10) 
and inserted in Eq. (18-8) results to: 
~X = (M*G, ∙ ℎ − #+ ∙ 32 − [ ∙ 32
h)Vh  (18-11) 
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The above equation can also be written in the following way: 
~X = M*G ∙ ℎ ∙ Vh − #+ ∙ 3 ∙ V ∙ ℎ2 ∙ h − [ ∙ 3
h ∙ V ∙ ℎ2 ∙ h  (18-12) 
The last two terms are including the weight of the wall and possible added loading. This term is a constant 
in will be expressed as “B” for simplicity. 
The overall rotation of the wall can now be described as a function of the top wall force: 
~W]W = M*G, ∙ ℎ3.} ∙ ℎ + 6M*G,ℎ5#I ∙ ℎ + M*G ∙ ℎ ∙ Vh −  (18-13) 
The first three terms of Eq.(18-13) are describing the flexibility of the wall and the connection V,l hence: 
~W]W = M*G, ∙ (V, + V,( + V,X) −  (18-14) 
Re-arrange the equation after M*G, results in: 
M*G, = ~W]W +  ∙ 1(V, + V,( + V,X) ;  
V, + V,( + V,X =  V,W]W (18-15) 
18.6 Numerical Implementation 
The presented mathematical model was then implemented in Matlab. The test situation without vertical 
loading is modelled as a larger number of results were obtained during this test. 
Since the top force is an unknown which varies over time a predictor equation needs to be applied to find 
the top force at the next time step. A first order prediction is applied. First order prediction assumes a 
linear behaviour but if the time step is chosen small enough the prediction is accurate.  
M*G,e	 =  2 ∙ M*G, −  M*G,a	 (18-16) 
To account for the rotation dependency of the top force, the equation is re-written in the way displayed 
below:  
M*G,e	 =  M*G, + 5∆M*G~\ 7 ∙ ~\ (18-17) 
with: ∆M*G = M*G, − M*G,a	 
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Substituting M*G with Eq. (18-5) results in: 
M*G,e	 = M*G, + ~M*G, +  ∙ 1(V,W]W) − ~M*G,a	 +  ∙ 1(V,W]W)∆\  ∙ ∆\ (18-18) 
which can be re-written: 
M*G,e	 = M*G, + ∆\(V,W]W) ~M*G, − ~M*G,a	∆\  (18-19) 
The bracketed term is the overall system velocity at time step i + 1. Applying first order prediction a 
solution can be found: 
M*G,e	 = M*G, + ∆\V,W]W 2~zM*G, − ~zM*G,a	 (18-20) 
For the first few time steps an approximation of the top wall force has to be applied. Initial behaviour of 
the wall exhibits linear stiffness; therefore Eq. (18-5) is used. This allows the derivation of the top wall 
force for the first time steps. As can be obtained from Figure 18-23 the initial behaviour of the wall is 
linear, hence the assumption is justified.  
The top wall force influences the damper response, i.e. the velocity at the damper and therefore the 
damper force. The magnitude of the damper force and the top wall force are interdependent; a change in 
damper force automatically causes the top wall force to change. An iterative approach is needed to correct 
the top wall force at every time step.  
As initially stated, the total known input displacement z is comprised of the bulge displacement and the 
shaft displacement and is expressed by:  = Y + . Adapting the equation to the overall wall situation, z 
is now the known top wall input rotation ~; y is the rotation of the wall due to the damper motion ~] and 
x is now the wall rotation due to the overall flexibility ~l of the system VW]W. 
 = Y +  →  ~ = ~] + ~l (18-21) 
To solve this equation all variables such as the damper force need to be a function of the top wall force. 
Initially the top wall force is expressed as a function of the damper force, by writing the moment 
equilibrium around one of the rotating edges of the wall. 
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M*G, ∙ ℎ = #+ ∙ 32 +  ∙  (18-22) 
with 
  = y ∙ z y 
results to: 
M*G, = #+ ∙ 32 ∙ ℎ + y ∙ z y ∙ ℎ  (18-23) z   is the velocity of the damper and can be expressed as a function of the bottom wall rotation and its 
derivative: 
~] =  → ~z] = z → z = ~]z ∙  (18-24) 
Inserting  z  into M*G, results in: 
M*G, = #+ ∙ 32 ∙ ℎ + y ∙ y ∙  ∙ ~]z yℎ  (18-25) 
 
Comparing the above equation with the initial damper force equation where  = y ∙ z y , it can be 
realized, that this equation is of similar appearance. The term in front of the velocity term is the new y 
which represents the damper force component in relation to the overall wall rotation. The term is called 
MMO: 
MMO = y ∗ (y) ∙ ℎ  (18-26) 
The top wall force in dependency of the damper properties is:  
M*G, = #+ ∙ 32 ∙ ℎ + MMO ∙ ~]z y (18-27) ~l can be expressed by the stiffness of the damper composed of shaft, tie-rod, connection to the wall and 
to the foundation in relation with the top wall force:  
~l = M*G ∙ VW]W (18-28) 
Therefore: 
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~] = ~ − ~l → ~ − M*G ∙ VW]W (18-29) 
The derivative of Eq. (18-29) is then: 
~]z = ~z − ~lz = ~z − M*Gz ∙ VW]W (18-30) 
Inserting ~]z  into (18-27) yields to: 
M*G,e	 = MMO ∙ ~]z y + #+ ∙ 32 ∙ ℎ = MMO ∙ (~z − M*Gz ∙ VW]W)y + #+ ∙ 32 ∙ ℎ  (18-31) 
The equation can be re-arranged in the following way: 
M*G,e	 − #+ ∙ 32 ∙ ℎMMO 
	/y = ~z − M*Gz ∙ VW]W (18-32) 
and applying first order differences results to: 
M*G,e	 − #+ ∙ 32 ∙ ℎMMO 
	/y = (~,e	 − ~,) − (M*G,e	 − M*G,) ∙ VW]W∆\  (18-33) 
This can be re-written: 
M*G,e	 − #+ ∙ 32 ∙ ℎMMO 
	/y ∙ ∆\ + M*G,e	 ∙ VW]W = ~,e	 − ~, + VW]W ∙ M*G, (18-34) 
To solve this equation after M*G the method presented by Rodgers (2011) is applied.  
By factoring out 4,a∙ ¡∙tDt¢£ 8	/ythe new equation takes this form: 
¤M*G,e	 − #+ ∙ 32 ∙ ℎMMO ¥
	/y ∙ ∆\ + MMO 	y ∙ M*G,e	 ∙ VW]W9M*G,e	 − #+ ∙ 32 ∙ ℎ :	/y  = ~,e	 − ~, + VW]W ∙ M*G, (18-35) 
The left hand side of the equation can be written in the following way:  
¤M*G,e	 − #+ ∙ 32 ∙ ℎMMO ¥
	/y ∙ ¤∆\ + MMO 	y ∙ M*G,e	 ∙ VW]W ∙ 5M*G,e	 − #+ ∙ 32 ∙ ℎ 7a
	y¥   (18-36) 
Re-arranging Eq. (18-39) the above equation after M*G,e	 results to: 
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M*G,e	 = ¦§§
§¨ ~,e	 − ~, + VW]W ∙ M*G,©∆\ + MMO 	y ∙ M*G,e	 ∙ VW]W ∙ 9M*G,e	 − #+ ∙ 32 ∙ ℎ :a	/yª«¬¬
¬­y ∙ MMO + #+ ∙ 32 ∙ ℎ  (18-37) 
The bracketed term in front of MMO is the rotational velocity ~z]: 
~z] = ¦§§
§¨ ~,e	 − ~, + VW]W ∙ M*G,©∆\ +  MMO 	y ∙ M*G,e	 ∙ VW]W ∙ 9M*G,e	 − #+ ∙ 32 ∙ ℎ :a	/yª«¬¬
¬­y
 (18-38) 
~,  is the recorded top wall drift at time step  i , divided by the height of the wall. The bracketed term 
may give negative results and has to be converted into absolute values. To account for negative 
arguments, a signum function can be applied. The new top wall force at time step i+1 can now be re-
calculated applying the derived correction step as expressed by: 
M*G,e	 = ®~z]®y ∙ fi`~z] ∙ MMO + #+ ∙ 32 ∙ ℎ  (18-39) 
For the determination of V, which represents the flexibility of the connection, the following contributing 
factors were considered: the damper shaft flexibility, the flexibility of the connecting element between 
damper shaft and load-cell (the tie-rod) and the flexibility of the connection between U-section and timber 
wall.  
The flexibility between U-section and timber wall was derived based on the test results. The top wall 
force was plotted against the monitored slip of the connection (Figure 18-45). The red line indicates the 
approximated elastic stiffness which was used to calculate the flexibility. 
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Figure 18-45: Damper force-connection to wall displacement 
For a force of 20kN a displacement of 0.14mm is noted. The resulting elastic stiffness is then 140kN/mm. 
The flexibility which is added through the slip in the connection between the damper and the wall is 
therefore 6.8E-06mm/N. For the tie-rod and the damper shaft a value of 3.0E-06mm/N and 1.8E-07mm/N 
respectively, was obtained. The sum of the described component flexibilities results in overall connection 
flexibility V of 1.6E-05mm/N. This value was used for modelling. 
The horizontal slip at the bottom of the wall, caused through timber crushing, results in an additional 
approximated flexibility of 5E-05mm/N. The value was obtained from plotting the top wall force against 
the bottom wall displacement (Figure 18-46). The red line indicates an approximated, average elastic 
stiffness of 20kN/mm which is then converted in the presented flexibility. 
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Figure 18-46: Top wall force vs bottom slip 
During previous analysis of the test results it was realized a number of additional components influenced 
the overall stiffness or flexibility of the wall. It was also stated, that these components were not measured 
as initial focus lay on displacement and slip occurring in the damper connection. Possible influencing 
parameters have been addressed in Chapter 18.4.1 and Chapter 18.4.2. To gain input data on the 
magnitude and type of components which have caused such low overall stiffness additional tests are 
required. The stiffness which was obtained from Figure 18-23, Chapter 18.4.1 is 3000N/mm. Based on 
this stiffness value a flexibility of 3.3E-04mm/N can be obtained. A superposition of the numerical and 
the experimental results is presented in Figure 18-47.  
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Figure 18-47: Superposition of the experimental (dark grey) results and the numerical (light grey) results 
In contrast to SAP 2000 model, the additional system flexibility can be added to the developed analytical 
model in order to describe the damper behaviour or the overall wall response as it was obtained during 
testing. If further tests are carried out the additional data can be easily implemented in the model. In 
comparison to the SAP model the pinching effect is captured and the numerical results present the 
experimentally obtained values accurately. 
In addition, this model allows the exact definition of the damper properties. The elastic stiffness of the 
shaft can be defined whereas in SAP this parameter was neglected. In addition, the damper physics such 
as stiffness and displacement of the single damper components can be modelled more in detail. The 
possibility to adjust the equations and therefore alter the damper behaviour directly in the model is in an 
important feature concerning on-going development on the element. Research is currently undertaken at 
the University of Canterbury, which investigates the possibility of implementing linear springs directly in 
the damping device. The aim of these additional springs is to achieve a self-centring behaviour through 
the device itself and in this way making the application of additional tendons or vertical load superfluous. 
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18.7 Conclusions 
Two tests on a glulam wall with high force to volume (HF2V) damping devices were conducted. Two 
damping devices of equal capacity and design were produced at the University of Canterbury, 
Christchurch. The dampers were shipped to Italy, where the tests were conducted at the material testing 
institute CNR IVALSA, Italy. The first test was conducted without any additional loading. For the second 
test a vertical load of 25kN/m was added. Objective of the tests was to investigate the applicability of this 
new type of viscous damping devices in timber elements. In detail, the vertical displacement response of 
the devices in relation to the horizontal wall displacement was monitored. The level of pre-stress or 
vertical load which is necessary to achieve a self-centring system was studied. In addition, the 
appropriateness of self-tapping screws as connection solution for the presented problem was investigated.  
And finally the effectiveness of the shear keys was monitored. 
Visually and graphically analysing the test results the following observations were made:  
1) At drift amplitude of 2% no damage occurred in the connection between the damper and the wall or 
at the device itself. 
2) During tests on the single elements, a capacity of 130kN was achieved, whereas a capacity of 150kN 
was reached in the in-service tests on the wall. 
3) At 1.3% horizontal drift a self-centring system was achieved for both the loaded and unloaded test. 
4) The observed pinching is negligible as it did not measurably influence the overall results. 
5) The slip in the connection between damper and wall was no larger than 3mm. 
6) The vertical displacement at the damper position was in average 70% of the horizontal displacement 
of the wall and in average 30% of the horizontal wall displacement for the unloaded and loaded test 
respectively.  
7) The horizontal slip at the bottom of the wall was significant with 6mm considering the horizontal 
restraint due to the shear keys.  
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8) The maximum equivalent viscous damping ratio νeq for the unloaded test was 35% at 2% drift and 
20% for the loaded test. 
9) The developed model presents a stable foundation to describe the damper behaviour in a glulam wall.  
Further experimental input is necessary to define the magnitude of flexibilities of the different 
components more in detail.   
In addition, analysing the test results showed that the overall system flexibility, e.g. the flexibility of the 
test frame; the flexibility due to slip in connections between the wall and the test frame; the additional 
displacement due to timber crushing at interfaces between steel elements and timber wall influenced 
significantly the test results such as initial damping ratios and the overall system stiffness. Preparing the 
tests it was focussed on displacements and slip occurring mainly in the connection between the damper 
and the timber wall. The test results indicate a high number of additional influencing factors which need 
to be further investigated through additional tests. To gain further information on the HF2V damper 
behaviour in a timber wall, it is important to investigate the sources of the additional flexibility and draw 
conclusions on their influence in a real case scenario. 
When rocking structures are designed, damping devices are required to substitute conventional 
connections and to provide load resistance. The HF2V devices present an attractive solution since no 
damage occurs in the device during an earthquake. Up to now, only tests on joining steel and reinforced 
concrete elements were carried out with the devices applied. The presented tests provide preliminary 
information on the behaviour of the devices in timber structures. Further tests are necessary to verify the 
obtained results. However, based on the presented tests it is concluded, that the dampers functioned 
appropriately and in accordance to their design; a damage avoidance system was achieved, the required 
rigid non slip connection was realized; self-centring proved to be feasible and design damper force 
capacity was reached. In addition, the observed damper response of the tests conducted on the wall, 
matches the damper performance in a concrete beam and column assembly, as reported in Rodgers et.al 
(2008). Therefore, the HF2V devices represent a feasible solution for rocking systems in timber 
structures. 
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19 Summary part II 
In Part II the feasibility of different anchoring solutions for lateral load bearing walls under seismic 
loading was investigated. 
Part two is subdivided into three sections; 1) Experimental investigation of the significance of block-shear 
failure mechanism in conventional dowelled and bolted connections and the influence of spacing and 
distances on the failure mechanism; 2) Experimental investigation of the failure mechanism in bolted 
reinforced and un-reinforced connections under cyclic load and finally 3) Experimental and numerical 
study of the applicability of an innovative connection solution with damping devices.  
These connections were the only connecting elements to the foundation. 
At the beginning a case study was designed with three lateral load bearing walls positioned at the 
perimeter of the structure, reaching over the full height of the building. The reaction forces at the bottom 
of the walls were calculated. At first the feasibility of the conventional connection solution was studied in 
subpart one and the derived forces were used in design.  
The design verifications are presented and it is shown, that the requirements of Annex A, Eurocode5 for 
connection failure against block-shearing were not fulfilled. An initial introductory part explains the type 
of brittle failure mechanism in dowelled and bolted connections, gives reasons why brittle failure 
mechanisms are to be avoided, presents the findings based on Johansen (1994) and describes the block 
shear failure mechanism more in detail.  
The preparation of an experimental program including the test set-up, the layout of the specimens, the 
material used and the type of load applied is presented thereafter. The results and observations are 
presented. An analysis of the test results and a comparison between the test results, the design method of 
Eurocode 5 - Chapter 8.2-, the design verifications of Annex A, Eurocode 5 and an alternative approach 
presented by Hanhijärvi and Kevarinmäki is carried out subsequently.  
The conclusions are presented which demonstrate that the design approaches of Eurocode5, Annex A, and 
Hanhijärvi and Kevarinmäki are too conservative and that the load carrying capacity was calculated 
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correctly based on Eurocode 5 - Chapter 8.2-. Basic design principles are presented which delay brittle 
failure mechanisms and lead to ductile and robust connection behaviour.  
In subpart two, the development of a test series is presented which was conducted to investigate the 
behaviour of bolted connections under cyclic loading. The test set-up, material, applied load protocol and 
the conduction of the tests are described. A detailed analysis of the behaviour of both the reinforced and 
unreinforced connection is given. The results include failure mechanism, influence of reinforcement and 
spacing on the failure mechanism as well as the level of energy dissipation and viscous damping.  Closing 
off this chapter the conclusions are presented. The experimental study proofed, that conventional bolted 
connections are a feasible solution for anchoring lateral load bearing walls. A reasonable amount of 
ductility and damping is achieved but it is noted that irreversible damage must be anticipated when this 
solution is applied. And finally, recommendations for the application of conventional dowelled and bolted 
connections in timber walls subjected to seismic loads are given.   
In subpart three the feasibility of high force to volume (HF2V) viscous damping devices in timber walls 
was investigated. Initially, different damping solutions in structures are briefly introduced and the 
principle of a rocking wall system is explained. Following that, the behaviour and the functioning of the 
HF2V devices is described as well as the required additional design elements for a timber wall with the 
dampers. Thereafter, the experimental program including the design of the tests, test set-up and material 
used, is described. Reasons for the conduction of the experimental program are given, which are 
comprised of the high energy dissipative behaviour of the devices, the fact that the devices do not undergo 
any damage during repeated seismic loading and finally that the elements have so far only been tested and 
implemented in steel and concrete structures. The results of the tests without vertical loading and with 
vertical loading are presented and analysed. The behaviour of the dampers itself, their displacement in 
relation to the overall wall displacement and their dissipated energy as well as the connection behaviour 
between the damper and the wall and the overall wall displacement at top and bottom was focussed upon. 
Suggestions for the improvement of the design are given and the conclusions are presented.  
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Thereafter, the development of a mathematical model is carried out, to describe the HF2V device 
response in a glulam wall. Single component displacements, slip and flexibilities can be implemented in 
this model which allows the modelling of the damper performance in a glulam wall more accurately. A 
comparison between test and analysis results is presented. Finally, it was summarized, that the HF2V 
damping system presents a feasible solution also for timber structures under seismic loads when the 
rocking wall principle is applied. A highly dissipative, damage free system is achieved.    
20 Conclusions 
The feasibility of different conventional and innovative connection systems for lateral load resisting 
glulam frames and walls was investigated in this thesis. Connection systems which exhibit a highly 
ductile behaviour under repetitive seismic loading were selected as well as a damage free solution 
including damping devices. 
For the intersections of the frames a highly ductile, novel dowel type connection developed at Delft 
University, Netherlands was selected. Bolted and dowelled connections were studied as a conventional 
anchoring solution for lateral load bearing walls. An innovative viscous type damper, developed at 
Canterbury University, New Zealand is introduced, which was selected for the investigation of the 
feasibility of a damage free connections solution for timber walls. 
The study on the seismic response of the tube type connectors in moment resisting multi storey and portal 
timber frames was carried out numerically in Abaqus. Non-linear time history analyses were conducted 
revealing a highly dissipative connection response. Although the behaviour factor proposed by the 
inventor, Leijten (1998) was not verified, a high q-factor of 3.0 and 2.5 is suggested for this type of 
connections in multi-storey frames and portal frames, respectively. An increase of the q-factor was found 
to be likely with an increasing number of stories.  
The incremental dynamic analysis showed a significant difference in results between the base shear and 
peak ground acceleration approach. The uneven yielding of the joints results in base shear forces which 
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do not increase contemporarily with increasing ground acceleration. In addition, the importance of large 
variety of ground accelerations was demonstrated, which is required in order to obtain representative 
results. Finally the relationship between the ductility ratio and the derived q-factor as proposed by 
Eurocode 8 was found not be applicable.  
The selected conventional connections were examined for their failure mechanisms under monotonic and 
quasi static loading. This part of the study was entirely based on laboratory experiments. The tests on the 
single dowel connections revealed that block shearing is not as predominant as assumed by EC5, Annex 
A. The capacity of the connection after Annex A, EC5 and the finish approach by Hanhijärvi and 
Kevarinmäki (2008), was underestimated. The two approaches were found too conservative. In order to 
delay brittle failure mechanisms it was found that the fastener spacing as well as end- and edge distances 
must be considerably larger than suggested by Eurocode 5. A fastener spacing of 7.5d was applied in 
contrast to a suggested fastener spacing of 5d based on EC5. If in addition, an end distance of a3> 5d was 
used the effective number of fasteners was equal to the actual number of fasteners and the embedding 
strength of the timber based on EC5 semi-empirical formulas was reached. It was also found, that the 
design method of Eurocode 5 - Chapter 8.2-, based on Johansen’s equations predicted the load carrying 
capacity accurately.  
The results indicate that if basic design rules such increased fastener spacing and end-and edge distances 
are applied ductile connection behaviour can be achieved and splitting delayed. A well balanced 
relationship between fastener diameter and timber volume should also be taken into account to ensure 
plasticization of the fasteners, suggestions are demonstrated in Chapter 14.4.  
The cyclic tests on the bolted reinforced and unreinforced connections verified the findings from the 
monotonic tests, i.e. an increase in fastener spacing delays splitting and increases the load carrying 
capacity. However, the positive effect of increased fastener spacing and a high slenderness ratio was 
found to be diminishing when a connection is subjected to cyclic loading. Comparing the test results of 
the reinforced with the unreinforced connection, the positive influence of the reinforcement was evident. 
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The inserted self-tapping screws clearly reduced the splitting of the timber and in increased the fastener 
deformation. Fastener deformation results in: 1) An increased load carrying capacity; 2) A higher 
robustness of the structure; 3) An increased connection ductility.  
The feasibility of high-force to volume (HF2V) damping devices in a glulam wall and their reaction was 
numerically and experimentally studied. The tests showed that the devices did not undergo any damage 
during testing. Drift amplitudes up to 2% were applied and no damage to the damper or the connection 
was observed. The applicability of the selected connection solution between damper and glulam wall is 
herewith verified. The chosen connection solution between damper and wall, which was realized with 
self-tapping screws, was found to provide a rigid, non-slip connection. The exhibited capacity, the 
dissipated energy and the level of damping verified a device functioning to their design. An additional 
confirmation for appropriate damper functioning during testing is the matching of the obtained results 
with test results monitored on a concrete beam and column assembly, as reported in Rodgers et.al (2008). 
The applied shear key solution in form of steel angles prevented only partially the wall from slipping. 
Reason for this was compression of the timber which occurred at the interface between shear key and 
timber wall. Since self-tapping screws were inserted to limit this effect, it is recommended to further 
reinforce the respective area. Apart from that, the design of the shear, with a slightly inclined vertical 
edge, proofed to be an optimum solution, as the arching of the wall was accommodated for. A self- 
centring system was achieved for drift levels up to 1.3% for both tests. Further, loaded tests at higher drift 
and with higher load levels are required to investigate the influence of a vertical load on the self-centring 
behaviour and to define the magnitude of load or force necessary to reach self-centring behaviour. 
In summary it was found: 
1) A high static ductility class H for connections with the tube type connector was suggested by 
Cruz and Ceccotti (1996) based on experimental data. The obtained numerical results verify this 
suggestion. The proposed behaviour factor of 4 was not verified. However, the derived behaviour 
factors indicate a considerable load reduction capability of this type of connection. The presented 
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findings in addition with a high initial strength result in a connection behaviour which is highly 
suitable for structures in seismic areas. Applying this type of connection, a replacement of the 
fasteners and a repairing the timber parts has to be taken into account.  
2) The experimental study on the dowelled and bolted connections revealed, that the basic 
requirements are given for an application of these connection systems as anchoring solutions for 
lateral load bearing walls under seismic impact. 
Both connection types exhibited a ductile behaviour when basic already established design rules 
are followed. The addition of reinforcement to the connection area is strongly recommended. 
Considering the reduced cost for material and assembly compared to the other investigated 
connection solutions, a satisfying result concerning the level of energy dissipation can be 
achieved. If bolted and dowelled connections are chosen as a design solution irreversible damage 
has to be anticipated. 
3) The high-force-to-volume dampers, which have so far only been tested in steel and reinforced 
concrete structures, demonstrate a feasible, highly dissipative and damage-free solution for timber 
elements. The applicability of these devices as a connection solution in rocking systems made of 
timber was verified. The amount of force or load necessary to achieve a self-centring system must 
be further investigated. 
21 Future research 
During the work of this thesis some key areas have been addressed which require further experimental or 
analytical studies to verify and/or strengthen the presented theories. 
21.1 Future research Part 1 
The numerical models of the frames described in Part I require the input of experimental data. For an 
accurate reproduction of the moment-rotation behaviour of the joints between post and beams, a broad 
range of test data is desirable. The current model utilizes experimental results from tests on T-shaped 
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specimen jointed with four 18 and 28mm diameter tube fasteners (Leijten 2006). The connection response 
of these tests differs significantly from the response obtained during quasi static tests on portal frames 
(Ceccotti, Cruz 1994). The hysteretic loops are of more slender shape which results in a lower amount of 
dissipated energy. Additional experimental tests are required to identify the reason for the variation in 
results and to provide further input data for the numerical simulation. In addition, experimental results 
from cyclic tests on connections, preferably in portal frames, with 35mm diameter tubes are needed, to 
verify the obtained connection behaviour used for the frame models. 
The derivation of the behaviour factor and the ductility class of a connection are based on the yield point. 
The method for specifying the yield point is presented in EN12512. Although different, alternative 
approaches are presented by other researchers (Chapter 15.3) none of these are included in common 
standards. The evaluation of the yield point based on EN12512 was found to be ambiguous and 
inaccurate. The evaluated ductility ratio based on the proposed method, does not reflect the dissipated 
energy and the damping ratio correctly. In addition, the definition of the yield point strongly influences 
the magnitude of the q-factor. Further research is necessary which provides a more accurate and reliable 
definition of the yield or an alternative solution which avoids a reference to the yield point entirely. 
The behaviour factor was evaluated using the base shear and the ground acceleration approach which 
represent the relationship between the base shear and ground acceleration (PGA) results at yield and 
ultimate rotation of the respective joint, as defined in Eurocode 8. The evaluated q-factor represents the 
real or intrinsic q-factor. It does not take into account initial design considerations based on national 
standards.  Some researchers argue, that the q-factor presented in the standards, should be derived using 
the relationship between the PGA at collapse divided by the PGA applied during the design process (PGA 
code). Additional analyses on the frames are necessary applying the suggested approach. If the 
applicability is verified the approach represents an interesting solution for timber structures as the 
reference to the yield point is avoided. 
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21.2 Future research Part II 
The high force to volume damping devices have so far only been implemented in steel in concrete 
structures. A first investigation on the interaction of the devices in a timber wall is presented in this thesis. 
The positive outcome of the laboratory tests supports an application of the dampers in timber structures. 
Further tests are recommended to verify the presented results. These tests should be carried out at higher 
drift levels. In this context the vertical load or the pre-stress force of a possible applied tendon should be 
varied to draw conclusions on the level of additional load/force needed to achieve a self-centring system. 
These experimental tests are also necessary to investigate the influence of the flexibility take-up at 
various positions of the wall but especially in within the test frame.  In addition the slip and displacement 
of the subassembly, i.e. the damper to wall and damper to foundation connection should be measured to 
gain information on the influence of these components on the damper performance and to reduce the 
effect of “pinching” of the overall hysteresis loop. 
The applicability of the approach for the calculation of the dissipated energy and the equivalent viscous 
damping ratio for damper results should be verified. The method applied in this thesis is based on 
EN12512 which defines the equivalent viscous damping ratio as the ratio between the dissipated and the 
potential energy. The dissipated energy of each half cycle is the triangle which is defined by the 
maximum force of the respective half cycle and the corresponding displacement. This method was 
developed for joints with mechanical fasteners. In general, conventional joints with mechanical fasteners 
have lower energy dissipative capacity. This lower capacity is reflected in the shape of the hysteretic 
loops, which is why the half cycles resemble a triangle. For the damper response this is not the case. Their 
hysteretic loos are almost of squared shape. The presented damping results should therefore be verified 
using an alternative method for the calculation of the dissipated energy. One approach was presented by 
Peckan et al. (1999). This method is based on the ratio of the actual area enclosed by the hysteresis loops 
to the area of a perfectly bilinear response (Figure 21-1). In addition, ductility and stiffness parameters are 
used in the equation.  
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Figure 21-1: Indication of different hysteretic area (dark grey) and assumed perfectly bilinear curve 
(grey) 
Additional cyclic tests on timber walls with bolted anchors are recommended to verify the presented 
results and gain more in depth information about the response of bolted connections under seismic load. 
The number of bolts and rows should be varied to study the exhibited level of ductility, the amount of 
energy dissipated and the failure mechanism. 
21.3 Overall research 
This thesis provides experimental and numerical results and analysis about the behaviour of different 
connection solutions in glulam walls and frames under seismic impact. The interaction between the 
presented lateral load bearing elements and secondary structural elements and/or ceilings is not studied. In 
order to assure correct functioning of the proposed timber wall system with the damping devices, the 
walls need to be able to rotate in within pre-defined limits. Connections to secondary structural elements 
are required which are capable to accommodate this movement without damage occurring to for example 
facades or partition walls. Research is this area is currently carried out at the University of Canterbury and 
the University of Auckland, New Zealand.  
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ANNEX A – Load derivation 
The load reactions calculated in Chapter 4.4 are based on the loads derived as presented in the following. 
Snow load 
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Wind load 
Località              : SANT'ANGELO DEI 
LOMBARDI 
Regione               : Campania 
Zona                  : 3 
hslm                  : 870 m 
H edificio (gronda)   : 17 m 
Quota falda           : 17 m 
Inclinazionetetto    : 0 ° 
 
V,ref                 : 27 m/s 
ao                    : 500 m 
ka                    : 0.03 1/s 
q,ref                 : 455.625 N/m² 
Classerugosità       : B 
Categoriaesposizione : IV 
kr                    : 0.22 
zo                    : 0.3 m 
z,min                 : 8 m 
 
 
COEFFICIENTI DI ESPOSIZIONE:  
 
Cp                    : -.4 
 
COEFFICIENTI DI FORMA: - Superfici 
sottovento -   
Parete:  
Cpe                   : -.4 
Cpi                   : . 
Cp                    : -.4 
 
Tetto:  
Cpe                   : -.4 
Cpi                   : . 
Cp                    : -.4 
 
 
 
PRESSIONE DEL VENTO: - Superfici 
sopravvento -  
Parete:  
Pmax (z=hmax)         : 786.1 N/m² 
Pmin (z=zmin)         : 595.67 N/m² 
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Ce (quota gronda)     : 2.16 
Ce (quota colmo )     : 2.16 
Ce (quota z=Zmin)     : 1.63 
 
Coeff. topografia     : 1. 
Coeff. dinamico       : 1. 
 
 
COEFFICIENTI DI FORMA: - Superfici 
sopravvento -  
Parete:  
Cpe                   : .8 
Cpi                   : . 
Cp                    : .8 
 
Tetto:  
Cpe                   : -.4 
Cpi: . 
Tetto:  
P                     : -393.05 N/m² 
 
 
PRESSIONE DEL VENTO: - Superfici 
sottovento -   
Parete:  
Pmax (z=hmax)         : -393.05 N/m² 
Pmin (z=zmin)         : -297.84 N/m² 
 
Tetto:  
P                     : -393.05 N/m² 
 
 
PRESSIONE DEL VENTO: - Valori 
totali -   
Parete:  
Pmax (z=hmax)         : 1179.16 N/m² 
Pmin (z=zmin)         : 893.51 N/m2 
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Seismic load derivation – Life safety limit state (SLV-spectrum), q=4 
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Seismic load derivation – Life safety limit state (SLV-spectrum), q=1.5 
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Seismic load derivation – Serviceability limit state (SLD-spectrum) 
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ANNEX B – Design verifications 
The design verifications for beam and column dimensions displayed in Table 4-6, Chapter 4.5 as well as 
for the wall dimensions (Chapter 12.2) are presented more in detail in this Annex. 
Design limit state verifications - Timber frames 
1) Four storey by three bay frame 
a. Beam  
1) Load Reactions 
 
 
My [Nmm] Q [N] 
 
   
185000000 100000 
   
        
2) Cross section characteristics 
 
a [mm] 
b 
[mm] 
length 
l [m] 
z 
[mm] Iy [mm4] Iz [mm4] IT [mm4]  
200 656 6500 328 4694256731 437000000 2345560000 
 
        
3) Design Verifications 
 
        
kmod 1.00 
      
γM 1.45 
      
fm,k 24 N/mm2 
 
    
fv,k 3.5 N/mm2 
 
    
        
Bending 
σm,y,d 12.92 N/mm2 < 16.55 N/mm2 fm,y,d Validated 
 Shear 
 τ,y,d 0.76 N/mm2 < 2.41 N/mm2 fv,d Validated 
 
 
 
 
 
 
 173 | P a g e  
 
b. Column 
1) Load Reactions 
 
Bending 
verification  
Buckling 
Verification  
My [Nmm]  My [Nmm]  Q [N] N [N] 
 215000000 60000000 68000 590000 
 
2) Cross section characteristics 
a [mm] b [mm] 
length 
l [mm] z [mm] Iy [mm4] Iz [mm4] IT [mm4] 
 240 656 3200 328 5.63E+09 7.55E+08 2.35E+09 
 
3) Design Verifications 
kmod 0.9 
 γΜ 1.5 
 fm,k 24 N/mm2 
 fv,k 3.5 N/mm2 
 fc,k 24 N/mm2 
 E 9666.6 N/mm2 
 
Bending 
 
σm,y,d 12.5 N/mm2 < 14.4 N/mm2 fm,y,d Validated 
Shear 
τ,y,d 0.43 N/mm2 < 2.1 N/mm2 fv,d Validated 
Compression 
 
σc,0,d 3.8 N/mm2 < 14.4 N/mm2 fc,y,d Validated 
Buckling 
 
Euler case 3 
 effective 
length leff  3200 mm 
 Max. 
buckling 
force Fb 52483685 N > 590000 N 
 
Validated 
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Lateral torsional buckling 
WT 9951000 mm3 
 Iz 760320000 mm4 
 
 im 423339 mm  
 lrel,m 0.00 <0.75  
 km 1 
 kred 0.7 
 kc,y 1 
 
σm,y,d 3.5 N/mm2 
 σm,y,d/fm,0,d 
+σc,y,d/fc,0,d 0.50 N/mm2 < 1 
  
Validated 
 
       
c. Joint  
1) Load reactions 
M [kNm] Q [kN] kmod γΜ 
 275.00 73.00 1.00 1.50 
 
2)  Joint characteristics 
Beam height Column width Radius  fv,k fv,d 
 [mm] [mm] [mm] N/mm2 N/mm2 
 655.50 655.50 187.30 3.5 2.33 
 
3) Tube characteristics 
 
Tube diameter Shear capacity 
tube/shear 
plane Ft,ck 
Design 
capacity Ft,d 
Number 
of tubes 
Tube 
spacing 
 
[mm] [kN] [kN] 
 
[mm] 
 35.00 96 128.0 12 63.07 
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4) Design Verifications 
Tube spacing 
Minimum distance 35 mm < 63.07 mm Validated 
 Tube capacity 
  
Force per Tube 128 kN < 128 kN Validated 
 Glu line strength  
 
  
 
Moment Capacity of one glueline 
 
Moment Capacity of one glueline: R¯FSF) = 3 ∙ ℎh ∙ V[8  
Mcapacity,1 
No. of 
gluelines Mcapacity,4 
 [Nmm] 
 
[kNm] 
 82149492.80 4 328.60 
 
Mcapacity,4 328.60 kNm > 275.00 kNm Validated 
2) Three storey by five bay frame 
a. Beam  
1) Load Reactions 
 
 
My [Nmm] 
Q 
[N] 
 
   
185000000 92000 
   
        
2) Cross section characteristics 
 
a [mm] 
b 
[mm] 
length 
l [m] 
z 
[mm] Iy [mm4] Iz [mm4] IT [mm4]  
200 656 6500 328 4694256731 437000000 2345560000 
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3) Design Verifications 
  
        
kmod 1.00 
      
γM 1.45 
      
fm,k 24 N/mm2 
 
    
fv,k 3.5 N/mm2 
 
    
  
 
      
Bending 
 σm,y,d 12.92 N/mm2 < 16.55 N/mm2 fm,y,d Validated 
 Shear 
 τ,y,d 0.70 N/mm2 < 2.41 N/mm2 fv,d Validated 
  
 
      
b. Column 
1) Load Reactions 
 
Bending 
verification 
Buckling 
verification 
 My [Nmm]  My [Nmm]  Q [N] N [N] 
 219000000 24000000 67000 577000 
 
2) Cross section characteristics 
a [mm] b [mm] 
length l 
[mm] z [mm] Iy [mm4] Iz [mm4] IT [mm4] 
 240 656 3200 328 5.63E+09 7.55E+08 2.35E+09 
 
3) Design Verifications 
kmod 0.9 
γΜ 1.5 
fm,k 24 N/mm2 
 fv,k 3.5 N/mm2 
 fc,k 24 N/mm2 
 E 9666.6 N/mm2 
 
Bending 
 
σm,y,d 12.7 N/mm2 < 14.4 N/mm2 fm,y,d Validated 
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Shear 
 
τ,y,d 0.43 N/mm2 < 2.1 N/mm2 fv,d Validated 
Compression 
 
σc,0,d 3.7 N/mm2 < 14.4 N/mm2 fc,y,d Validated 
Buckling 
 
Euler case 3 
 effective 
length leff  3200 mm 
Max. buckling 
force Fb 52483685 N > 577000 N 
 
Validated 
 
Lateral torsional buckling 
WT 9951000 mm3 
 Iz 760320000 mm4 
 
 im 423339 mm 
  lrel,m 0.00 <0.75 
  km 1 
 kred 0.7 
 kc,y 1 
 
σm,y,d 1.4 N/mm2 
 σm,y,d/fm,0,d 
+σc,y,d/fc,0,d 0.35 N/mm2 < 1 
 
Validated 
 
 
       
c. Joint  
1)  Load reactions 
M [kNm] Q [kN] kmod γΜ 
 256.00 96 1.00 1.50 
 2)  Joint characteristics 
Beam height Column width Radius  fv,k fv,d 
 [mm] [mm] [mm] N/mm2 N/mm2 
 655.50 655.50 275.00 3.5 2.33 
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3) Tube characteristics 
Tube diameter Shear capacity 
tube/shear plane 
Ft,ck 
Design 
capacity Ft,d 
Number of 
tubes 
Tube 
spacing 
 
[mm] [kN] [kN] 
 
[mm] 
 35.00 96 128 8 180.98 
 
4) Design Verifications 
Tube spacing 
Minimum 
distance 35 mm < 181 mm Validated 
 
 
Tube capacity 
  
Force per Tube 128 kN </= 128 kN Validated 
 Moment Capacity of one glueline    
Moment Capacity of one glueline: R¯FSF) = 3 ∙ ℎh ∙ V[8  
Mcapacity,1 No. of gluelines Mcapacity,4 
 [Nmm] 
 
[kNm] 
 82149492.80 4 328.60 
 
Mcapacity,4 328.60 kNm > 256.00 kNm Validated 
3) Portal frame 
a. Beam  
1) Load Reactions 
 
 
       
 
My [Nmm] Q [N] N [N] 
 
 
  
 
399000000 133120 142130 
  
  
 
    
   
2) Cross section characteristics 
 
       
 
a [mm] b [mm] l [m] z [mm] Iy [mm4] Iz [mm4] IT [mm4] 
 
300 800 20000 400 1.3E+10 1.8E+09 2.3E+09 
 
 
    
 
 
 
  
 179 | P a g e  
 
3) Design Verifications 
 
 
 
  
    
 
kmod 1.00 
 
    
 
γM 1.45 
      
fm,k 24 N/mm2 
   
  
fv,k 3.5 N/mm2 
 
 
   
        
Bending 
 
 
     σm,y,d 12.47 N/mm2 < 16.55 N/mm2 fm,y,d Validated 
 
  
 
 
  Shear 
  
 
  
  τ,y,d 0.55 N/mm2 < 2.41 N/mm2 fv,d Validated 
b. Column 
1) Load Reactions 
     
        My [Nmm] Q [N] N [N] 
     399000000 65730 142130 
     
        
2) Cross section characteristics 
    
        
a [mm] b [mm]  l [mm] z [mm] Iy [mm4] Iz [mm4] IT [mm4] 
 300 800 6000 400 1.28E+10 1.80E+09 2.35E+09 
 
       
 
3) Design Verifications 
    
        kmod 0.9 
      γΜ 1.5 
      fm,k 24 N/mm2 
     fv,k 3.5 N/mm2 
     fc,k 24 N/mm
2
 
     E 9666.6 N/mm2 
     
  
 
     Bending 
 
 
     σm,y,d 12.5 N/mm2 < 14.4 N/mm2 fm,y,d Validated 
  
 
  
 
  Shear 
 
 
  
 
  τ,y,d 0.27 N/mm
2
 < 2.1 N/mm2 fv,d Validated 
  
 
  
 
  Compression 
 
 
  
 
  σc,0,d 0.6 N/mm
2
 < 14.4 N/mm2 fc,y,d Validated 
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Buckling 
       
        Euler case 3 
       leff  6000 mm 
     
 Fb,max. 33922172 N > 142130 N 
 
Validated 
        Lateral torsional buckling 
   
        WT 9951000 mm3 
     Iz 760320000 mm4 
     
        im 423339 mm 
     lrel,m 0.01 < 0.75 
     km 1 
      kred 0.7 
      kc,y 1 
      
        
σm,y,d/fm,0,d + 
σc,y,d/fc,0,d 0.91 N/mm2 < 1 Validated 
  
 
c. Joint 
1) Load reactions 
     
       M [kNm] Q [kN] kmod γΜ 
   399 133 1.00 1.50 
   
       2) Joint characteristics 
    
Beam height 
Column 
width Radius  fv,k fv,d 
  [mm] [mm] [mm] N/mm2 N/mm2 
  900 800 347.50 3.5 2.33 
  
       3) Tube characteristics 
    
 
      Tube diameter Shear capacity 
tube/shear plane Ft,ck 
Design 
capacity Ft,d 
No.of 
tubes 
Tube 
spacing  
 [mm] [kN] [kN] 
 
[mm] 
 35 96 128 10 183.34 
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4) Design Verifications 
    
       Tube spacing 
     
       Minimum 
distance 35 mm < 183 mm Validated 
       Tube capacity 
      
     Force per Tube 128 kN < 128 kN Validated 
       Glu line strength  
  
     
  
Moment Capacity of one glueline: R¯FSF) = 3 ∙ ℎh ∙ V[8    
       
Mcapacity,1 
No. of 
gluelines Mcapacity,4 
    [Nmm] 
 
[kNm] 
    168000000 4 672 
    
       Mcapacity,4 672 kNm > 399 kNm Validated 
 
Serviceability limit state verifications – Timber frames 
a. Verification of structural deflection and beam deflection 
Type of 
Frame 
          
 
Deflection [cm] 
Total 
height  
Length 
beam 
 
  Seismic Wind Snow 
   
  
Horizontal Horizontal Vertical [cm] [cm] 
 3x5 6.88 0.66 0.78 960 650 
 4x3 8.98 1.32 0.69 1280 650 
 Portal 
frame 0.84 0.82 6.83 600 2000 
 
       
       
Type of 
Frame 
Max. deflection 
horizontal [cm] 
Max. 
deflection 
vertical 
[cm] 
Verification 
 deflection 
horizontal  deflection 
vertical 
  Wind Seismic Snow Wind Seismic Snow 
  
H/500 H/100 l/250 
   3x5 1.92 9.6 2.6 Verified Verified Verified 
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4x3 2.56 12.8 2.6 Verified Verified Verified 
Portal 
frame 1.2 6 8 Verified Verified Verified 
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b. Verification of deflection of floor panels 
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4) Design limit state verification - Lateral load bearing walls  
1) Load Reactions               
  
      
  
My [Nmm] Q [N] N [N] 
  
  
1684400000 224140 63000 
  
  
                
2) Cross section characteristics            
  
      
  
a [mm] b [mm]  l [mm] 
 
z [mm] 
  
  
160 3000 3200 1500 
  
  
  
      
  
Iy [mm4] Iz [mm4] IT [mm4] 
  
  
3.60E+11 1.02E+09 2.35E+09       
       
  
3) Design Verifications 
    
  
       
  
kmod 0.9 
     
  
gM 1.5 
     
  
fm,k 24 N/mm2 
    
  
fv,k 3.5 N/mm2 
    
  
fc,k 24 N/mm2 
    
  
E 9666.6 N/mm2 
    
  
  
      
  
Bending 
      
  
sm,y,d 7.0 N/mm2 < 14.4 N/mm2 fm,y,d Validated 
  
 
 
  
  
  
Shear 
 
 
  
  
  
t,y,d 0.47 N/mm2 < 2.1 N/mm2 fv,d Validated 
  
      
  
Compression 
      
  
sc,0,d 0.1 N/mm2 < 14.4 N/mm2 fc,y,d Validated 
  
      
  
Buckling 
      
  
  
      
  
Euler case 3 
      
  
effective length leff  3200 mm 
    
  
 Fb, max 3.4E+09 N > 6.3E+04 N 
 
Validated 
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Lateral torsional  
 
 
    
  
buckling 
      
  
WT 1.0E+07 mm3 
    
  
Iz 7.6E+08 mm4 
    
  
  
      
  
im 423339 mm 
    
  
lrel,m 0.0047 
 
< 0.75 
  
  
km 1 
     
  
kred 0.7 
     
  
kc,y 1 
     
  
  
      
  
sm,y,d/fm,0,d +sc,y,d/fc,0,d 0.50 N/mm2 < 1     Validated 
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